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1 INTRODUCTION 
1.1 Overview 
Connection alternatives in bridge design are typically separated into two main categories: 
integral connections and bearing connections. Integral connections are also referred to as 
moment-resisting connections. An example of a bridge with integral cap-beam connections 
is shown in Figure 1.1. The other connection alternative is bearing connections without 
moment transfer from the superstructure to the column or from the column to the foundation 
[17]. Bearing-supported designs have been used traditionally because of simplified analysis 
due to their inherent rotational freedom [20]. However, there has been increased interest in 
the use of integral connections over the past few years. 
There are several advantages to using integral connections. A primary advantage in 
seismic regions is that a moment-resisting connection offers the possibility of additional 
redundancy in resisting lateral earthquake loads. Furthermore, the formation of a plastic 
hinge at the top of the column provides additional energy dissipation for seismic loading over 
that associated with a bearing-supported connection [9, 17,22,25,26,32]. When loaded in the 
longitudinal direction of the bridge, the columns will exhibit an inflection point and moment 
reversal at the mid-height (provided they are supported by a fixed condition at the base), 
reducing the design moment in the column. Columns in a multi-column bent configuration 
will also be subjected to a moment reversal in the transverse direction. Integral connections 
also provide the option of pinned connections at the base of columns, significantly reducing 
the substructure cost. 
In non-seismic regions, an advantage of integral cap-beam connections is that they 
provide increased clearance, because the cap beam can be located at the same height as the 
girders rather than below the girders. For this reason, they are especially appealing in 
situations where vertical clearances are limited. When integral connections are utilized 
between the cap beams and girders, cap beams can be placed at the same level as the girders 
with only a nominal depth, if any, extending below the bottom of the girders. This 
configuration provides a significant increase in usable clearance over the more traditional 
design of bearing supports between cap beams and girders. Designs with integral 
2 
Figure 1.1 An integral concrete pier bridge with steel girders 
connections are often used for bridges that are along alignments with horizontal curves or 
bridges that cross over roadways or other bridges at skewed angles [20]. In certain cases, the 
reduced substructure member sizes that are possible with integral connections have offset 
increased construction costs associated with integral connections [6,7,23]. In addition, the 
use of integral connections eliminates the maintenance of bearing connections and the 
potential of bearing failures [20]. 
The particular integral-bridge concept that was the focus of this research utilizes steel 
girders and a steel cap beam along with a concrete column. A steel superstructure provides 
several additional benefits [17]. The possibility of prefabrication of the girders, cap beams, 
and girder-to-cap beam connections provides potential benefits including quality 
improvements, minimization of falsework, reduced field labor, and accelerated construction. 
A reduction in construction and maintenance costs compared to those with concrete 
superstructures is likely because of these benefits. Also, steel girders and cap beams have a 
much lower weight than their concrete counterparts, thus reducing column seismic moments. 
Bridges with integral connections have been implemented in seismic regions in 
increasing proportions. However, these bridges have been designed almost exclusively with 
either all concrete members or all steel members, rather than combinations of steel and 
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concrete members [ 17]. A primary reason why combinations of steel and concrete members 
have not been used is that research of integral bridges to date has almost exclusively 
considered designs using either concrete or steel rather than combinations of the two 
[9,20,22,25,26,32]. The potential benefits previously mentioned make integral bridges with 
concrete columns and steel superstructures an option worth consideration. Accordingly, 
research work is currently underway at the University of California San Diego (UCSD) and 
Iowa State University (ISU) on bridges with integral connections using concrete columns and 
steel girders. The current work at UCSD is focusing on a prestressed concrete cap beam and 
steel girder design [17]. To provide research data and further investigate the viability of 
bridges with integral cap-beam connections and steel girders, ISU, in association with 
Modjeski and Masters, Inc. (MM) has investigated an integral bridge design consisting of a 
concrete column, steel cap beam, and steel girders. 
Two separate test specimens, referred to as SPCl and SPC2, were used in the joint 
research by ISU and MM. The test specimens were one-third-scale models of a prototype 
bridge design. The prototype bridge consisted of a single reinforced-concrete column; a 
steel, box-shaped cap beam; steel girders; and a cast-in-place reinforced concrete deck. The 
bridge contained integral connections at both the top and bottom of the column and at the 
girder-to-cap beam joints. The primary research focus was the integral cap-beam connection 
details. This research was funded by the National Cooperative Highway Research Program 
(NCHRP) as Project 12-54. 
1.2 NCHRP Project 12-54 
Several phases of research were included for NCHRP Project 12-54, as outlined in the 
project proposal [12] and the interim report [13]. The objectives are summarized below: 
1. Research integral-pier connections, current design practices, current construction 
practices, performance, and cost data of existing integral-pier connections. 
2. Develop conceptual designs for integral-pier connections and evaluate them based on 
constructability, feasibility, and expected performance. 
3. Perform experimental research on integral-pier designs to evaluate the girder load 
distribution and to verify the behavior of the connections when subjected to horizontal 
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loads in the longitudinal direction of the bridge. 
As part of NCHRP Project 12-54, Redmond [20] conducted an extensive literature review in 
accordance with the first project objective and also investigated conceptual designs related to 
the second project objective. As part of the third project objective, Staudt [31] investigated 
girder load distribution by developing analytical models and comparing with experimental 
results. Additional details and information related to NCHRP Project 12-54 were presented 
in several quarterly reports [12,13,14,15]. 
1.3 Scope of Research 
The research presented in this thesis focuses on three main areas: ( 1) development of the 
prototype bridge and an appropriate corresponding experimental specimen configuration, (2) 
development of test specimen SPC 1 and corresponding analysis, test results, and conclusions, 
and (3) development of test specimen SPC2 along with analysis, results, and conclusions. 
Moment and shear comparisons between the prototype bridge girders and the test specimen 
girders were conducted to develop suitable experimental configurations. A primary focus of 
the experimental investigation of SPC 1 and SPC2 was the behavior of the joint regions. The 
design of specimen SPC 1 was largely controlled by geometric constraints, since the depth of 
the cap beam was designed to provide adequate anchorage length for the column longitudinal 
reinforcement. Specimen SPC2 was detailed with reduced superstructure dimensions by 
using mechanical connections for the column longitudinal reinforcement. Predicted 
responses for both specimens were developed using grillage analyses. The experimental 
responses from both specimens were compared with the predicted responses to evaluate their 
behavior and confirm the accuracy of the predicted models. The experimental results were 
used to determine the suitability of the integral connections for bridges with concrete 
columns, steel cap beams, and steel girders for seismic regions. 
1.4 Thesis Layout 
The organization of this thesis is as follows. Following the introduction in Chapter 1, 
relevant, existing documentation that has been published on bridges with integral connections 
is reviewed in Chapter 2. Chapter 3 presents analytical techniques and theories used in: ( 1) 
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the design of the prototype bridge, (2) the development of an appropriate experimental 
configuration, (3) the development of predicted responses for the test specimens, and ( 4) the 
analysis of the results from the test specimens. The prototype bridge and an appropriate 
corresponding experimental configuration are presented in Chapter 4. The details for the first 
test specimen, SPC 1, along with the grillage analysis, predicted response, instrumentation, 
construction, testing procedure, results, and conclusions from SPCl are given in Chapter 5. 
Chapter 6 presents similar details, analysis, results, and conclusions for the second specimen, 
SPC2. Finally, Chapter 7 presents a summary of results along with conclusions from the 
design, analysis, and experimental investigations. 
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2 LITERATURE REVIEW 
2.1 Introduction 
As part of NCHRP Project 12-54, an extensive literature review on bridges with integral 
connections and grillage modeling of bridges was conducted [13,20]. The literature review 
on integral connections was primarily focused on research that has been conducted on 
bridges with integral-pier connections for seismic loading in both the transverse and 
longitudinal directions [20]. The review of grillage models included several publications that 
provided guidelines for the construction and use of grillage models for characterizing 
behavior of bridges. Investigated studies included grillage analyses to produce force-
displacement response and force distribution under gravity and seismic loads [20]. 
The literature review presented in this chapter focuses on research that is closely related 
to the scope of the research introduced in Chapter 1 and presented in this thesis. This review 
includes two studies that performed large-scale experimental tests on specimens modeling 
the center portion of bridges with integral cap connections for longitudinal direction response 
[9, 16, 17] and an analytical study conducted by Redmond as a portion of NCHRP Project 12-
54 [20]. A comprehensive review of studies conducted of bridges for transverse direction 
response is presented in the NCHRP Project 12-54 Interim Report [13]. 
2.2 Holombo, Priestley, and Seible (1998) 
The research by Holombo, Priestley, and Seible [9] investigated a concrete column, 
concrete cap beam, precast concrete girder, and concrete deck system. The prototype bridge 
on which the study was based consisted of a four-span bridge with a 160-ft length for the two 
middle spans. Two test units were considered for the study, each modeling the center portion 
of the prototype surrounding the center bent of the structure, as shown in Figure 2.1. One 
test unit consisted of bathtub-shaped girder sections, as shown in Figure 2.1 b, and the other 
test unit contained bulb-tee girder sections, as shown in Figure 2.lc. The specimen was 
tested by applying appropriate loads to simulate gravity effects and using hydraulic actuators 
at the girder ends to induce lateral forces simulating seismic effects. The hysteresis results 
for the two tests are shown in Figure 2.2. Both specimens demonstrated good seismic 
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Figure 2.1 Test specimen modeling four-span prototype bridge with 
integral connections 
behavior with the bulb-tee unit exhibiting strength retention under inelastic deformation up to 
ductility µIi= 8.0 and the bathtub unit up to ductility µIi = 6.0. Both specimens achieved a 
greater ductility than µIi= 4.0, as is currently recommended for seismic design [5]. 
In the column-to-cap beam joint region, the vertical legs of the joint stirrups were 
determined to be conservatively designed, but the area of steel of the horizontal legs was 
under-designed. The joint region design was based on two-dimensional strut-and-tie models 
similar to the mechanisms that will be presented in Section 5.1.4 in relation to the test units 
designed as a part of the study presented in this thesis. Similar strut-and-tie models have 
been used with success in recent seismic research to minimize joint reinforcement [17]. 
Investigation of the results of the Holombo, et al. study revealed, however, that two-
dimensional strut-and-tie mechanisms did not sufficiently model the behavior of the joint 
region. Instead, three-dimensional strut-and-tie models were developed by Holombo, et al. to 
understand the joint behavior. 
A pushover grillage analysis was developed to satisfactorily predict the structural 
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behavior of the test specimens under seismic loading. Since the specimens were symmetrical 
about the longitudinal centerline, only half of the structure was modeled, as shown in Figure 
2.3. Similar models were used for both the bulb-tee and the bathtub models, with slightly 
altered node locations. All degrees of freedom were restrained at the column base. At the 
girder ends, the transverse and vertical displacements were restrained, the longitudinal 
displacements were not restrained, and the rotations about the three axes were not restrained. 
The longitudinal grillage members modeled the girder and contributory deck sections. The 
transverse members modeled the deck, cap beam, and abutment diaphragms. To model the 
girder-to-cap beam and column-to-cap beam joint regions for the grillage analysis, three 
different techniques were used. The first method used beam elements for the joint 
connection that simply modeled the elastic properties of the column and girders. The second 
method utilized rigid links for the girder-to-cap beam connection but used a beam element 
with the elastic properties of the concrete column for the column-to-cap beam connection. 
The third method used rigid links for both the girder-to-cap beam and column-to-cap beam 
connection but used one spring element at the centerline of the cap beam and another spring 
element at the column-to-cap beam interface. The stiffness of the spring at the centerline of 
the cap beam was based on the assumed effective cracked properties for the joint. The 
stiffness of the spring at the column-to-cap beam interface was based on the column 
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properties. The grillage analysis was used to determine that approximately 60 percent of the 
seismic load was distributed to the interior girders. The experimental testing of the specimen 
produced a distribution of about 67 percent of the seismic load to the interior girders in the 
bulb-tee unit and 55 percent of the seismic load to the interior girders in the bathtub unit. 
The following is a summary of conclusions reached by Holombo, et al. [9]: 
• Both test units exceeded the recommended design ductility capacity ofµ~= 4.0. 
• The superstructures performed excellently with only minor structural damage. 
• Effective exterior girder contribution resisted column plastic hinging of 33 percent for 
the bulb-tee unit and 45 percent for the bathtub unit. (Thus, 67 percent of the seismic 
load was distributed to the interior girders in the bulb-tee unit and 55 percent in the 
bathtub unit.) 
• Two-dimensional strut-and-tie models were not sufficient to estimate tension 
demands in the column-to-cap beam joint reg10n. Rather, three-dimensional 
mechanisms were developed to adequately model the behavior. 
The following recommendations were made by Holombo, et al. based on the results of 
their study: 
• The cap beam should be wider than the column and deeper than the superstructure for 
reasonable constructability. 
• The comprehensive three-dimensional strut-and-tie models developed should not be 
used for new designs but should be incorporated into a simplified design procedure. 
2.3 Redmond (2000) 
Redmond [20] conducted preliminary design of a two-span bridge suitable for NCHRP 
Project 12-54 and performed grillage analyses of the prototype bridge and a corresponding 
test specimen. The prototype bridge was very similar to the one eventually adopted for the 
current study, except that it contained a post-tensioned concrete cap beam rather than a steel, 
box-shaped cap beam. Pushover grillage analyses of both the prototype structure and the test 
specimen were conducted to examine distribution factors and validate the suitability of the 
experimental model. 
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The prototype grillage model developed by Redmond, shown in Figure 2.4, was fixed at 
the column base while the girder ends were allowed to rotate in all directions and translate in 
the longitudinal direction. The model was similar to the prototype grillage model that was 
developed by Holombo, et al. [9] Redmond's model contained longitudinal members having 
composite section properties of the steel girders and the contributory area of the concrete 
deck. These members were located horizontally at the girder centerlines and vertically at the 
centroid of the composite sections. Transverse beam elements were used to model the 
concrete deck section. Transverse beam elements also were used to model the cap beam and 
deck section. The transverse members at the cap beam modeled the cap beam and transverse 
deck section. Spring elements, with moment-rotation behavior determined by a moment-
curvature analysis, were used to model the plastic hinge regions. (A detailed description of 
the use of moment-curvature analysis to describe the column section behavior will be 
presented in Section 3.2.) The prototype grillage model was loaded by applying a downward 
distributed load on the longitudinal members to simulate the superstructure gravity load. To 
apply the seismic load, two different techniques were employed as illustrated in Figure 2.5: 
a. Prototype Grillage 
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Figure 2.4 Layout of grillage model of Redmond's prototype bridge 
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Figure 2.5 Loading of Redmond's prototype grillage model 
(1) a horizontal displacement was applied to the prototype deck; and (2) lumped masses were 
positioned along the longitudinal members, and a static, horizontal, uni-directional 
acceleration was applied to the prototype model. 
The specimen grillage model, shown in Figure 2.6, also utilized longitudinal members at 
the girder centerlines. The model is in an inverted position, with a cantilever column 
extending upward from the center of the bridge, as representative of the proposed 
experimental configuration in the laboratory. The grillage members modeled the specimen 
sections in a similar fashion to those modeled in the prototype grillage model. The specimen 
model was constrained at each end of each longitudinal girder member, as shown in Figure 
2.6a. At the left edge of the model, the girder-end displacements were restrained in the 
longitudinal, transverse, and vertical directions; and the corresponding girder-end rotations 
were not restrained. Since the specimen contained a cantilever column, only one spring 
element was necessary to model the plastic hinge at the base of the column (in the laboratory 
orientation). The specimen model was loaded by applying a downward distributed load to 
the longitudinal members to simulate superstructure dead load of the specimen, applying a 
downward axial load on the cantilever end of the column to simulate prototype gravity 
effects, and imposing a horizontal displacement on the cantilever end of the column to 
simulate prototype seismic effects. 
In addition to the grillage analyses, Redmond developed a lateral-load distribution model 
as shown in Figure 2.7. This model used torsional properties of the cap beam and stiffness 
properties of the composite longitudinal sections to evaluate the distribution of seismic load 
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between the interior and exterior girders. The load distributions that were predicted by the 
lateral-load distribution model were compared to the grillage model. 
Conclusions made by Redmond's study [20] are summarized in the following section. 
Numerous conclusions were related to the use of a concrete cap beam in the prototype bridge 
and have not been included here because they are not relevant to NCHRP Project 12-54's 
final prototype bridge with a steel, box-shaped cap beam. 
Based on Redmond's preliminary design, the following conclusions were drawn: 
• A column longitudinal reinforcement ratio of 2.5% should be sufficient to impose 
moderate stress levels in the column-to-cap connection. 
• The preliminary girder sizes chosen were adequate for flexural strength requirements. 
There was some concern of localized yielding due to residual stresses and stress 
concentrations in the girders at the girder-to-cap beam interface. 
Redmond's conclusions concerning the predicted response of the prototype structure and 
test specimen were: 
• A system ductility of 4.4 for the prototype structure and 4.2 for the experimental 
specimen were expected. 
• From the grillage model, 30 percent of the seismic load was expected to be distributed 
to the prototype interior girders, and 33 percent was expected to be distributed to the 
specimen interior girders. The simple model predicted a distribution of 30 percent to 
the interior girders. These numbers would not likely be duplicated with the steel, 
box-shaped cap beam, but distribution factors for the revised cap beam could be easily 
developed using the lateral-load distribution model. 
• The axial force in the girders was determined to have a minimal effect on their 
flexural stiffness. 
Redmond also presented the following conclusions concernmg the adequacy of the 
experimental test configuration: 
• The specimen column reinforcement was shown to accurately model the prototype 
column response, as shown by moment-curvature analyses. 
• Shear force, bending moment, and torsional moment values were as much as 10 
percent higher in the test specimen than the scaled values from the prototype bridge. 
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The horizontal shear force in the column was 2 percent lower in the specimen than the 
scaled prototype value. 
• When residual stresses and stress concentration factors were neglected, the maximum 
girder moments in the prototype bridge were about 35 percent of the yield moments, 
and those in the specimen were about 70 percent of the yield moments. 
• Axial forces in the specimen girders were about twice the scaled prototype girder 
axial forces on one side of the cap beam and approximately zero on the other side of 
the cap beam. However, these forces were determined to have minimal effects on the 
girder capacity, so these differences were not expected to affect the experimental 
results. 
The following recommendations were made by Redmond for laboratory testing: 
• The axial load in the column should be reduced to an appropriate value to improve the 
comparison between the specimen and prototype girder actions. 
• Verification of the proposed lateral-load distribution model with the experimental 
results was recommended. 
2.4 Patty, Seible, and Uang (2001) 
Patty, Seible, and Uang [16] conducted several component tests of concrete column, 
concrete cap beam, steel girder bridges. This research investigated the transfer of the seismic 
moment by torsion from the steel girders through the concrete cap beam to the column. Two 
girder parameters were considered, namely girders with web stiffeners in the cap-beam 
region and girders without web stiffeners. Two conditions for the cap beam were considered 
as well, including a conventional reinforced concrete cap beam and a post-tensioned cap 
beam. Four component tests were conducted to investigate all possible combinations of the 
above parameters. 
The component tests consisted of one girder penetrating a concrete cap beam. An initial 
load was applied to the girder to correct dead load discrepancies and to the cap beam to 
simulate exterior girder dead load effects. The girder was then loaded at the inflection points 
to apply a torsional moment to the cap beam. 
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Girder stiffeners placed between the flanges along the length of the girders were 
determined to increase the maximum moment capacity of the test specimen by about 20 
percent. Also, post-tensioning in the cap beam was determined to produce higher initial 
stiffnesses in the test units. Cap-beam dilatation data in the joint region revealed very little 
dilatation during initial loading for the post-tensioned cap beams, but at higher loads the 
dilatation values approached those of the conventionally-reinforced cap beams. Based on 
these results, the research team concluded that stiffeners on the girder webs in the cap-beam 
region increase maximum capacity of the test unit, and post-tensioning the cap beam tends to 
decrease damage level at lower loads but does not affect ultimate moment capacity of the test 
unit. 
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3 ANALYTICAL CONCEPTS 
3.1 Capacity Design Philosophy 
Current seismic design philosophy is based on the capacity design principle [5,17]. This 
principle utilizes carefully detailed plastic hinges in pre-selected locations that experience 
inelastic flexural yielding to dissipate seismic energy without structural collapse. Since the 
magnitude of seismic forces is largely unpredictable, designing in such a manner protects the 
structure from collapse under high seismic loads; and the structure will experience inelastic 
deformations through plastic actions at the pre-selected locations. 
In bridges, plastic hinges are typically formed at the column ends unless they are not 
restrained against moment resistance. When the structure is subjected to high seismic loads, 
inelastic deformation will be confined to the plastic-hinge regions, which are designed to 
maintain strength during inelastic deformation. The remainder of the structure will ideally 
exhibit only elastic behavior. The structure is detailed to maintain strength retention under 
inelastic deformation after reaching and exceeding its yield strength. Due to this ductility 
design, the structure is protected from collapse, and regions of damage and necessary repair 
are restricted to a few well-defined and easily accessible regions. 
Flexural design of columns, according to the capacity design philosophy, is based on 
(3.1) 
where <Pr is the flexural strength reduction factor, Mn is the nominal flexural capacity of the 
column, and Mr is the required flexural strength. 
In seismic events with loads producing column moments greater than Mn, one or more 
plastic hinges will form in the column and induce inelastic structural behavior. To design the 
remainder of the structure to behave elastically under such loading, the extreme moment 
capacity of the plastic hinge, which is defined as the moment capacity with a low probability 
of being exceeded, is used. The typical definition of the extreme moment capacity, M0 , also 
referred to as overstrength moment capacity, is 
M0 = cp0Mn (3.2) 
where cp0 is the overstrength factor. The actual moment capacity of the plastic hinge can 
often be considerably higher than estimated design values, due to higher than anticipated 
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material properties and strain hardening of the longitudinal reinforcement in the column. 
Therefore, code values for overstrength factors are typically as high as 1.3 or 1.4 [5]. 
For this research, an overstrength factor of 1.05 was chosen, assuming stringent material-
strength tolerances for controlled laboratory conditions. For the design of the bridge, the 
column moments developed from the lateral seismic loads were assumed to be 
M0 = ~0Mu (3.3) 
where Mu is the ultimate moment capacity of the column section determined from a moment-
curvature analysis as described in Section 3.2. The remaining members of the structure were 
designed to behave elastically according to the strength limit state 
~~~~=~ 0~ 
where ~s is the strength-reduction factor for the considered action, Sn is the nominal strength, 
and Sr is the required strength, which is equal to the overstrength action S0 corresponding to 
the overstrength capacity, M0 , of the plastic-hinge region. This strength-limit state requires 
members that are designed elastically to resist the maximum expected load in the member 
when the column is at its full-plastic-moment strength. 
3.2 Moment-Curvature Analysis 
To define the behavior of the plastic-hinge region in the column, moment-curvature 
section analyses were performed using a computer program developed by King [ 10]. The 
King software utilizes the Mander, Priestley, and Park model [11] to develop the stress-strain 
relationship for confined concrete. This procedure accounts for the effects of concrete 
cracking, confinement, and spalling of cover concrete and for the yielding and hardening of 
the column longitudinal reinforcement. According to this model, the maximum lateral 
confinement stress, f 1, provided by the transverse reinforcement is defined for a circular 
section as 
(3.5) 
where Ke is the confinement effectiveness coefficient (taken to be 0.95), fi is the maximum 
lateral-confinement stress from the transverse reinforcement, fyh is the yield stress of the 
transverse reinforcement, Ash is the area of the transverse reinforcement, D' is the diameter 
of the confined concrete (measured from the centerline of the spiral reinforcement), and s is 
19 
the center-to-center spacing of the column spiral reinforcement. Considering the effect of the 
confinement of the core concrete, the maximum concrete-compressive stress according to 
this model is defined by 
f cc= f c [2.254 (1 + 7.94f 1 If c) 112 - 2f 1 If c - 1.254] (3.6) 
The ultimate concrete compressive strain, Seu, defined as the concrete strain at the point 
where the first fracture occurs in the transverse reinforcing steel, is conservatively taken as 
Seu= 0.004 + l.4psfyhSsu / f cc (3.7) 
where Ps is the volumetric ratio of the spiral reinforcement and Ssu is the ultimate tensile 
stress in the spiral reinforcement. 
To develop the moment-curvature relationship, an iterative process is performed for a 
specific concrete strain in which a section neutral-axis depth is assumed and a strain profile is 
developed for the section. From the stress-strain relationships, the stresses corresponding to 
the strain profile are determined. If the section tension and compression forces and the 
external axial compression do not satisfy equilibrium, the neutral-axis location is modified 
and the process is repeated until equilibrium is achieved. Once the neutral-axis depth and 
corresponding strain profile are obtained, the moment and curvature are determined from the 
profile. The overall moment-curvature response is developed by performing this iterative 
process, beginning from a strain of zero and continuing until either the concrete strain 
exceeds the maximum concrete strain or the steel stress exceeds the maximum steel stress. 
Figure 3.1 shows a typical moment-curvature plot along with a bilinear approximation 
shown by the dotted lines. Here, My is the theoretical moment of first yield, which is defined 
as the moment that produces the tensile yield stress, fy, in the extreme longitudinal column 
reinforcement. cl>' Y• known as the first yield curvature, is the curvature corresponding to the 
moment My. The idealized moment capacity, Mi, is defined as the moment corresponding to 
an extreme concrete compressive strain of 0.004 in.fin. or an extreme longitudinal 
reinforcement strain of 0.015 in.fin. [17] M1 was controlled by the concrete compressive 
strain limit in all analyses for this project. The curvature corresponding to M1 is defined as 
<Py· The theoretical ultimate moment, Mu, is defined as the moment corresponding to the 
concrete compressive strain reaching Seu or the longitudinal reinforcement strain reaching 
I 
= s = ~ 
Mu 
M1 
: . . 
My 
' Ocpycpy 
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Figure 3.1 Typical moment-curvature plot and bilinear approximation 
0.06 in.fin. This limit was again governed by the concrete compressive strain. The ultimate 
curvature corresponding to Mu is defined as <l>u· 
3.3 Force-Displacement Response 
As described previously, the formation of plastic hinges is a critical component of the 
capacity design process for seismic loads. The moment-curvature behavior of the column 
plastic-hinge region can be developed as presented in Section 3.2. The rotations 
corresponding to the curvatures from the moment-curvature analysis can be obtained and 
used to define the moment-rotation response of the plastic-hinge region. The rotation in the 
plastic-hinge region is composed of both elastic and inelastic rotations. Additional rotation is 
caused by strain penetration of the column longitudinal reinforcement within the column-to-
cap-beam joint region. The approximated elastic and plastic curvatures in the column 
section and due to strain penetration are shown in Figure 3 .2. Determination of the area 
given in Figure 3.2c by Equations 3.9 through 3.15 provides the column rotation 8 due to the 
section curvature: 
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S = Se + Sp = total hinge rotation 
Se = l' sp<Pe = elastic rotation of plastic hinge 
l 'sp = (2/3) lsp = effective strain penetration length 
lsp = 0.15 fyedb1 = strain penetration length 
Sp = lp<j>p = plastic-hinge rotation 
lp = 0.08 le+ lsp =plastic-hinge length 2 0.3fyedb1 
<PP = <P - <Pe = plastic curvature 
(3.9) 
(3.10) 
(3.11) 
(3.12) 
(3.13) 
(3.14) 
(3.15) 
where <Pe is the elastic curvature of the section, le is the clear height of the column, fye is the 
expected yield strength of the longitudinal reinforcement, db1 is the diameter of the 
longitudinal bars, and <P is the total curvature predicted by the moment-curvature analysis. 
Once the column rotations are determined, the column-end displacements due to elastic 
and plastic rotations can be determined, producing the force-displacement response shown in 
Figure 3.3. The force-displacement response can be idealized as a bilinear response as 
F 
a. Cantilevered 
column 
z I 
l 
b. Curvature along 
column 
c. Idealized curvature 
Figure 3.2 Curvature of cantilevered column 
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shown, where Fy, Fi, and Fu are the horizontal column forces corresponding to moment 
capacities My, Mi, and Mu, and Ii' y is the displacement corresponding to <!> 'y· The 
displacement ductility of the column, µLl, can then be defined by 
(3.8) 
where liy is the idealized column-end displacement corresponding to <j>y and liu is the total 
column-end displacement at ultimate load. 
The system displacement ductility can also be defined by Equation 3.8, but the effects of 
column, cap beam, and girder flexibility must be included in the yield and ultimate 
displacements. The additional flexibility effects tend to increase the yield displacement 
without significantly affecting inelastic deformations that are mostly controlled by the 
column plastic-hinge behavior. Thus, the system displacement ductility will typically be less 
than the column displacement ductility. 
Fu 
Fr 
------
F 
Lateral Displacement 
Figure 3.3 Idealized bilinear force-displacement response 
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3.4 Grillage Model Section Property Calculations 
To develop overall predicted force-displacement responses, grillage models were created 
for the prototype bridge (Section 4.1.1.1) and the two test specimens (Sections 5.6.1 and 
6.6.1 ). The prototype model was created by engineers at Modjeski and Masters; refer to 
Reference [14] for details on the section property derivations. The grillage models used for 
the analyses of the test specimens were created by researchers at Iowa State University and 
analyzed using ANSYS [4]. The member section properties for the grillage model are 
presented below. (The results of the analyses are summarized in Sections 5.6.1 and 6.6.1.) 
3.4.1 Longitudinal Sections 
The grillage longitudinal sections were composite sections consisting of the steel girders 
and the concrete bridge deck. For the girders, the appropriate section properties were taken 
from the AISC LRFD Manual of Steel Construction [2]. For the concrete deck, the 
contributory width of the bridge deck was determined according to 1998 AASHTO LRFD 
recommendations [1]. The moments of inertia about both axes for the uncracked-concrete 
sections were then calculated from 
Ixc = bwic3 / 12 
lye= bw\ / 12 
(3.21) 
(3.22) 
where Ixc and lye are the moments of inertia of the bridge deck along the x- and y-axes, 
respectively, as shown in Figure 3.4. The torsional constant, Jc, was determined by 
Jc= bwtc3 / 6 (3.23) 
where bw is the contributory width of the bridge deck and tc is the thickness of the bridge 
deck. The parallel-axis theorem was applied to develop Equations 3.24 and 3.25 to calculate 
the moments of inertia for the composite sections with uncracked concrete: 
Ix= (IycEc + IysEs) I Es+ (y- Yc)2 Ac(Ec I Es)+ (Y-Ys)2 As+ (Y-Yr)2 Ar 
Iy = (IxcEc + IxsEs) I Es + (x - Xc)2 Ac(Ec I Es) + (x-Xs)2 As 
where x and y are the composite section centroids as defined by 
x = [AcxcEc + (Asxs + Arxr)Es] I [AcEc +(As+ Ar)Es] 
y = [AcYcEc + (AsYs + ArYr)Es] I [AcEc +(As+ Ar)Es] 
(3.24) 
(3.25) 
(3.26) 
(3.27) 
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Figure 3.4 Grillage longitudinal section, uncracked-concrete section properties 
and lxs and lys are the moments of inertia for the steel girder section, Ac is the area of the 
contributory area of the concrete bridge deck, As is the area of the steel girder section, Ar is 
the area of slab reinforcement in the contributory area of the bridge deck, Xe and Ye are the 
locations in the x- and y-directions of the centroid of the bridge deck section, Xs and Ys are the 
locations of centroid of the steel girder section, Yr is the vertical location of the reinforcement 
centroid, Ee is Young's modulus for concrete, and Es is Young's modulus for steel. The 
torsional constant, J, for the uncracked composite section was calculated from 
J = (JeEe + JsEs) /Es (3.28) 
where Is is the torsional moment of inertia for the steel girder section. 
Section properties for the longitudinal sections were also calculated based on cracked-
concrete section properties, assuming no contribution from the concrete deck section, as 
shown in Figure 3.5. The moments of inertia were calculated by 
Ix= lxs + (y-ys)2 As + (y-yr)2 Ar (3.29) 
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ly = lys + (X-Xs)2 As+ (X-Xr)2Ar 
where the composite centroid locations, defined by x and y, were determined by 
x = (AsXs + ArXr) I (As+ Ar) 
y = (AsYs + ArYr) I (As+ Ar) 
3.4.2 Transverse Deck Sections 
(3.30) 
(3.31) 
(3.32) 
The section properties for the transverse members modeled the concrete bridge deck, as 
recommended by Hambly [8] and done in Redmond's grillage analysis [20]. Accordingly, 
the moments of inertia for the uncracked-concrete transverse sections were calculated from 
Ix= bttc3 / 12 (3.33) 
(3.34) 
where ht is the width of the transverse deck section. The torsional constant was calculated 
from 
(3.35) 
y 
! 
r_· 1~ 
X-~---·-··· 
r-----~J 
y 
Figure 3.5 Grillage longitudinal section, cracked-concrete section properties 
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For the cracked-concrete transverse deck section properties, the uncracked-concrete 
properties determined by Equations 3.33 through 3.35 were divided by two according to 
Hambly's recommendation [8]. 
3.4.3 Cap-Beam Sections 
The section properties for the box-shaped steel cap-beam section were calculated 
according to formulas from Roark [33] as given by Equations 3.36 through 3.38, with 
dimensions shown in Figure 3.6. 
Ix= (wh3 -Wihi3) I 12 
ly = (w3h-wi3hi) I 12 
J = 2t2(w - t)2(h- t)2 I (wt+ ht - 2t2) 
(3.36) 
(3.37) 
(3.38) 
The cap-beam elements modeled only the steel section because they were connected by rigid 
links to the transverse deck section, following the configuration used by MM for the 
prototype grillage model. By neglecting the concrete deck section, the torsional stiffness of 
the cap beam was slightly underestimated. Including the concrete deck section would 
increase the torsional stiffness and increase the torsional moment transferred to the exterior 
girders. However, use of rigid links in the grillage model between the cap beam and deck did 
provide some contribution of the deck in the torsional performance of the cap beam. The 
similarity of the resulting predicted response from the grillage analysis and the experimental 
response indicated that modeling the cap-beam region as such produced good results in the 
grillage analysis. 
3.4.4 Column Sections 
The uncracked-concrete section properties for the column were determined based on the 
gross column section as 
Ix= ly = m 4 I 4 
J = m4 I 2 
(3.39) 
(3.40) 
The moment of inertia for the column with cracked-concrete section properties was 
determined from the moment-curvature analysis of the column section as developed in 
Section 3.2 using the basic curvature relation given by 
(3.40) 
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Substituting in the known quantities from the moment-curvature analysis and solving for Ix 
and Iy, the column moment of inertia based on cracked properties was determined from 
i~ 
X-
' 
I 
y 
II 
11--
t---
II 
II 
Figure 3.6 Grillage cap-beam section 
(3.41) 
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4 BRIDGE CONFIGURATION 
4.1 Prototype Bridge 
Several initial concepts for bridge systems with integral connections were established 
using concrete columns, steel girders, and steel or concrete cap beams, based on a review of 
current practice of various integral pier connections. As shown in Figure 4.1, some of the 
concepts included single-column bents, multi-column bents, post-tensioned concrete cap 
beams, and steel cap beams [27]. A single-column bent was chosen because it provides a 
smaller footprint than a multi-column bent and was found to be the most common bent used 
in current practice. A steel cap beam was chosen because it provides increased clearance, 
improves construction time, and exhibits enhanced seismic performance as opposed to a 
concrete cap beam [20]. In addition, parallel research of a similar design using a prestressed 
concrete cap is underway at the University of California San Diego (UCSD). 
The prototype bridge for this study was chosen based on numerous criteria as described in 
Chapter 1. It was developed at Modjeski and Masters, Inc. (MM) with recommendations 
(a) Concept No. 1 - with a concrete cap beam 
POST· TENSIONING 
~~N~:i~~) REQUIRED 
(b) Concept No. 2 - with a concrete cap beam 
COLUMN-INTEGRAL 
CAP REINFORCEMENT 
!TYPICAL EACH 
bOLUMN) 
(c) Concept No. 3 - with a concrete cap beam (d) Concept No. 4 - with a steel cap beam 
Figure 4.1 Concepts for integral bridge systems with concrete piers and steel girders 
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Figure 4.2 Prototype bridge for NCHRP study 
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from researchers at Iowa State University (ISU) and the NCHRP panel. The prototype 
bridge was representative of a typical two-span continuous bridge. The resulting prototype 
bridge consisted of a concrete column; steel, box-shaped cap beam; and steel girders as 
shown in Figure 4.2. The configuration included integral connections between the column 
and cap beam and between the girders and cap beam. The girders were simply supported at 
the abutments, allowing movement in both the transverse and longitudinal directions under 
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seismic loading. In accordance with the current seismic design approach [5, 17], plastic 
hinges were assumed to form at the column ends as is typical with a column subjected to 
double bending. The box-shaped cap beam was fabricated from continuous plates with 
welded connections along the edges to provide satisfactory torsional performance during 
seismic loading. 
4.1.1 Loading Analysis of Prototype Bridge 
4.1.1.1 Grillage Model 
A structural analysis of the prototype bridge was initially conducted using a grillage 
model. This model, which was created by MM and followed the recommendation of 
previous research [ 1, 16], consisted of longitudinal members composed of composite concrete 
deck and steel girder properties. In addition, the model had transverse deck members, 
transverse steel cross-frames, cap-beam members, and column members, as shown in Figure 
4.3a. The model was analyzed using the computer program SAP2000 [21]. Member 
properties are given in Table 4.1. The properties and analysis were based on the 1998 
AASHTO LRFD recommendations [1]. Accordingly, the member section properties and 
stiffnesses were calculated using uncracked-concrete section properties, and the analysis was 
purely elastic. The cap-beam members were located below the deck members as shown in 
Table 4.1 Prototype grillage model section properties 
Member A (in2) I (in4) J (in4) 
Exterior longitudinal 251 161,900 1278 
Interior longitudinal 259 165,100 1367 
Deck 775 4012 8000 
Cap beam 360 200,400 300,300 
Column 4072 1,319,000 2,537,000 
Cross-bracing 105 634,300 1144 
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(a) Overall grillage layout 
Centroidal axis ofcap beam 
(b) Cap-beam region 
Figure 4.3 Prototype bridge grillage model 
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Table 4.2 Prototype dead loads 
Exterior Interior 
Bridge Component Girder Load Girder Load 
(kips/ft) (kips/ft) 
Deck 0.90 1.03 
Parapet 0.27 0.27 
Wearing surface 0.246 0.307 
Girders 0.30 0.30 
Total 1.716 1.907 
Figure 4.3b and connected by rigid links to the deck members. 
Using the prototype grillage model, a dead load analysis, service load analyses involving 
different combinations of dead and live loads, and a seismic load analysis were conducted in 
accordance with the recommended load combinations in AASHTO. The dead load analysis 
included the weight of the deck, parapets, wearing surface, and girders, as listed in Table 4.2. 
The bending moment diagrams for the interior and exterior girders that are associated with 
the dead load analysis are shown in Figure 4.4. For the dead load analysis, the column axial 
force was 914 kips. This force was used to determine the appropriate column axial load in 
the specimen as discussed in Section 4.2.1. 
A service level load analysis was also conducted with the grillage model. The live loads 
were in accordance with the AASHTO specifications [1]. The condition of two loaded lanes 
on the bridge was determined to produce the maximum response in most cases. Detailed 
information on the service load analysis is given in the NCHRP Project 12-54 September 
2000 Quarterly Report [ 14]. 
A preliminary seismic load analysis indicated that the seismic load combined with dead 
load would govern the design. Since the moment variation along the girders was linear for 
seismic loads, the design moments were obtained using the lateral-load distribution model 
developed by Redmond [20] and presented in Section 2.3 and refined by Staudt [31]. 
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Figure 4.4 Moment due to dead load along the prototype girders 
4.1.1.2 Seismic Load Analysis 
A simple analysis was used to determine the seismic moments in the prototype girders. 
As shown in Figure 4.5, the column moment at the centerline, Mee, of the girders could be 
estimated from the design base shear. Load distribution factors developed from Staudt's 
lateral-load distribution model [31] were used to distribute the column moment to the interior 
and exterior girders. The distribution factor results from the lateral-load distribution model 
and the grillage analysis compared satisfactorily as detailed in Table 4.3 for lateral load 
analysis without any dead load effects. Using the seismic load distribution factors and the 
ultimate moment, Mu, for the prototype column as determined from a moment-curvature 
analysis, the bending moments along the prototype girders were determined as shown in 
Figure 4.6. 
To develop the overall moment diagrams for the prototype girders, superposition was 
used to combine the girder moments due to dead load and the girder moments due to seismic 
load. The resulting overall bending moment diagrams along the prototype girders are shown 
in Figure 4.7. 
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Table 4.3 Prototype girder moment distribution factors 
Moment to Moment to 
Model Interior Exterior 
Girder(%) Girder(%) 
Grillage model 67 33 
Stiffness model 64 36 
4.1.2 Seismic Design 
The seismic design of the prototype structure satisfied three criteria: ( 1) 1998 AASHTO 
LRFD Bridge Design Specifications [1], (2) ATC-32 (Applied Technology Council) 
recommendations [5], and (3) ensuring a minimum reinforcement ratio of 2 percent. The 
third criterion was imposed to subject connections of the test units to sufficient demand. 
These criteria were used to design appropriate column reinforcement. Using the capacity 
design principles, the remaining components of the structure were designed. 
Vs (design base shear) ..... 
Mee 
L - - - - -r,,-r,,-r,, 
Figure 4.5 Design moment and base shear for column subjected to double bending 
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prototype bridge 
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4.1.2.1 Design According to AASHTO 
The 1998 AASHTO LRFD provisions [1] were chosen as one of the design criteria 
because they are the typical standard in most states for bridge design. According to 
AASHTO, the seismic weight of the prototype structure was determined to be 1500 kips, 
including the superstructure weight and half of the column weight. Based on this weight and 
a stiffness of 239 kips/in. established from the grillage model (using uncracked-concrete 
properties for the column and bridge deck as per AASHTO recommendations), the period, 
Tm, for the prototype bridge structure was determined to be 0.80 sec. by 
Tm= 2n (WI g k) 112 (4.1) 
where W is the structural seismic weight, g is the acceleration of gravity, and k is the 
stiffness of the structure. The acceleration coefficient, A, was taken as 0.4 [ 1]. The seismic 
coefficient, Csm, was calculated to be 0.67, using Equation 4.2 as stipulated in AASHTO: 
Csm = l.2AS IT m213 ( 4.2) 
where S, the soil coefficient, was taken to be 1.2. This coefficient is based on Soil Profile 
Type II in AASHTO, as specified if the soil conditions are unknown. Using this seismic 
coefficient, the design base shear, Vs, for the column was determined to be 1005 kips from 
Vs= CsmW (4.3) 
and the design moment, Mr, was determined to be 20,100 kip-ft at the critical section by 
Mr= 0.5Vslc (4.4) 
where le is the clear height of the prototype column between the support and the cap beam. 
The 0.5 factor accounts for the inflection point at the mid-height of the column, as was 
shown in Figure 4.5. Reducing by a response modification factor of 3.0 and applying a 
reduction factor,~. of 0.79 as per AASHTO [1] based on the column axial load, the design 
moment for the prototype column was determined to be 8481 kip-ft. 
Designers are aware of differences between the seismic provisions of the 1998 AASHTO 
recommendations and current seismic design recommendations. The AASHTO design is 
based on uncracked-concrete section properties, an unreasonable assumption since cracking 
occurs at seismic loads as small as 10 to 15 percent of the design loads. Another difference 
with the AASHTO approach is the definition of the response modification factor, R, as 3.0. 
This response modification factor is, in a sense, representative of the ductile behavior of the 
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structure, and a value of at least 4.0 is recommended in current seismic design practice [17]. 
In addition, AASHTO recommends a ~-value between 0.5 and 0.9 to determine the required 
nominal moment Mn, based on the column axial load, whereas current seismic design 
recommendations typically recommend~= 1.0 [5,17]. 
4.1.2.2 Design According to ATC-32 
Because of the differences between the AASHTO approach to seismic design and other 
seismic design recommendations, the seismic loads were also investigated using the approach 
described in the ATC-32 report [5]. For the ATC approach, the period for the bridge 
structure was determined to be 1.0 sec. using Equation 4.1. The period is increased from the 
AASHTO value of 0.8 sec. because of the use of cracked-concrete section properties for 
concrete members, as specified in the ATC-32 report. The spectral acceleration was 
determined to be 0.87 g, using Table R3-5 in the ATC-32 report, assuming Soil Type C and a 
7.25 magnitude event. (This magnitude was chosen because its corresponding peak ground 
acceleration was similar to the AASHTO value.) Thus, the base shear in the column was 
determined to be 1305 kips, resulting in a moment of 26,100 kip-ft at the critical section. 
Reducing by a response modification factor of 4.0, as recommended by ATC-32, the nominal 
design moment, Mn, for the column was determined to be 6525 kip-ft, which is a lower value 
than that determined using the AASHTO provisions. 
4.1.2.3 Design Based on Minimum Reinforcement Ratio 
The nominal moment for the column design with a 2.0 percent reinforcement ratio was 
determined from a moment-curvature analysis program developed by King [10] (see Section 
3.2) to be 13,588 kip-ft. Since this moment was higher than the design moments required by 
AASHTO or ATC-32, this criteria governed the design. Following estimation of the 
overstrength-moment capacity of the column plastic hinge, a capacity-protected design of the 
superstructure and connections was performed as discussed by Priestley et. al [17]. 
4.1.2.4 Design of Transverse Reinforcement 
Both the 1998 AASHTO and ATC-32 recommendations were also considered in the 
design of the column spiral reinforcement. From AASHTO, the required volumetric ratio 
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was determined to be 0.00727 from Equation 4.5: 
Ps = 0.12 (f c I fy) (4.5) 
Based on the ATC-32 recommendations, the required volumetric ratio was determined to be 
0.00676 from Equation 4.6: 
Ps = 0.16 ( f ce / fye) [0.5 + (1.25 P) / (f ce Ag)+ 0.13 (p1 - 0.01) (4.6) 
where f ce is expected concrete strength, fye is expected longitudinal reinforcement strength, P 
is column axial load, Ag is gross area of column, and p1 is the longitudinal reinforcement 
ratio. Since the volumetric ratio required by AASHTO was higher, this ratio was used for the 
final design. 
4.2 Experimental Investigation 
As part of the NCHRP project, experimental investigations of two one-third-scale test 
specimens were planned at the ISU Structures Laboratory. The test specimens served several 
purposes. First, they were planned to be used to evaluate the lateral distribution of load 
between steel girders. Second, the effectiveness of the integral connection design details was 
to be examined for the integral connections between the reinforced concrete column and the 
steel, box-shaped cap beam and the steel girders and steel cap beam. Third, the specimens 
were used to begin to minimize the depth of the superstructure sections. Finally, the test 
results were to be used in formulating design recommendations. 
The test models were envisioned to be at one-third scale in order to be accommodated 
within the confines of the test laboratory. They were planned to be representative of the 
center portion of the prototype bridge, as identified in Figure 4.8, with the configuration and 
overall dimensions shown in Figure 4.9. The test configuration was based on the one-third-
scale dimensions of the prototype and the laboratory fixture requirements. The test 
specimens were to have 20-ft long girders and a total width of 12 ft 4 in. as shown, modeling 
the center 60 ft of the prototype bridge (30 ft on either side of the cap beam) including the 
full superstructure width. The specimens were constructed and tested in an inverted position 
for convenience with the girders simply supported at the ends. These simplifications are 
acceptable provided the loads at the critical regions are simulated satisfactorily. 
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Figure 4.8 Modeled portion of the prototype bridge 
4.2.1 Load Simulation 
The proposed load sequence for the test specimens consisted of applying an appropriate 
axial load downward to the top of the cantilever column of the inverted specimen to simulate 
the dead load effects in the column. The axial load was to account for the effects due to the 
inverted orientation and scaling of the prototype structure. While maintaining the gravity 
load at a constant level, seismic effects were to be simulated by using a cyclic horizontal load 
pattern with full reversals at the top of the specimen column. 
To satisfactorily perform model testing, the strains and stresses developed in the specimen 
were required to be equivalent to what would be expected in the prototype structure. This 
requirement was investigated at the critical regions by comparing shear and moment values 
in the prototype and specimen. When accounting for the one-third-scale specimen, creating 
prototype stresses and strains in the test unit requires the shear values in the specimen to be 
1/9 the expected prototype values and the moment values to be 1/27 the expected prototype 
values. 
Because of the large variations in the locations of the inflection points in the girders of 
the prototype structure for combined dead and seismic loading (see Figure 4.7), the entire 
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Figure 4.9 General configuration of the test specimen 
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distance between the inflection points could not easily be modeled. Therefore, the shear and 
moment values in the specimen were not expected to be representative of those internal 
forces in the girders of the prototype. Since creating the prototype force conditions was 
required only at the critical section, one solution that has often been used to account for this 
difference is to adjust the applied axial gravity load in the specimen column [9,16,27]. An 
adjusted axial load would shift the girder shear and moment values in the specimen and 
better approximate the prototype stresses and strains at the girder-to-cap beam interface of 
the test specimens. The comparison of specimen and prototype girder shear and moment 
values to produce appropriate force simulation in the test specimens is presented in the next 
section. 
4.2.1.1 Specimen Shear and Moment 
A vertical-load distribution model was established by Staudt [31] to distribute the column 
axial load to the interior and exterior girders. From this model, the dead load distribution 
was established as 55 percent and 45 percent to the interior and exterior girders, respectively. 
In addition, Staudt' s lateral-load distribution model [31] to calculate distribution factors for 
seismic load had been verified (Section 4.1.1.1 ). For the test specimen, the lateral-load 
distribution model produced a seismic load distribution of 72 percent to the interior girders 
and 28 percent to the exterior girders. Distribution factors of 70 and 30 percent were used for 
simplicity. Also, these factors are close to values determined for the prototype structure in 
Table 4.3. 
The girder moments due to dead load at the specimen scale were established by solving 
the statically determinate situation shown in Figure 4.10 to determine the sum of the girder 
moments at the cap beam. Using the distribution factors given above, the cap-beam moment 
was distributed to each girder, resulting in the moment diagrams at specimen scale for the 
interior and exterior girders due to dead load. Scaling the prototype axial load in the column 
to specimen scale, the required column axial load in the specimen, P, to appropriately model 
the 100 percent dead load condition was determined to be 102 kips. The dead load moment 
in the specimen girders, with P = 102 kips, is shown in Figure 4.11. 
A similar method was used for the specimen moments due to seismic load. The total cap-
beam moment was determined by solving the statically determinate structure shown in Figure 
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M=PL / 2 
P =Applied axial column load 
M =Total girder moment due to P 
L =Length from support to column 
Figure 4.10 Calculation of specimen dead load moment at the girder-to-cap 
beam connection 
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Figure 4.11 Moment due to dead load along the specimen girders 
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4.12. Here M was the ultimate moment, Mu, in the prototype column, scaled to specimen 
scale, as determined from a moment-curvature analysis of the prototype column section. 70 
percent of M was distributed to the interior girders and 30 percent to the exterior girders. 
The seismic moment diagrams for the interior and exterior girders in the specimen were then 
established as shown in Figure 4.13, with M = 74.75 kips. The overall moment diagram at 
specimen scale, shown in Figure 4.14, was determined by superposition using the dead load 
and seismic load moment diagrams. 
4.2.1.2 Moment Comparison 
Figure 4.15 compares the specimen bending moments due to dead and seismic loads 
obtained for the test models in Section 4.2.1.1 with scaled values from the prototype analysis. 
The comparison is not satisfactory. In the interior girder, the specimen moment is 
approximately zero at the left girder-to-cap beam interface, while the prototype moment is 
about 600 kip-in. At the right interface, the absolute value of the moment in the specimen 
girder is about 500 kip-in. greater than that obtained from the prototype analysis. Similar 
discrepancies can be seen in the exterior girder. These discrepancies were not unexpected, as 
was discussed in Section 4.2.1. 
To improve the comparison between the prototype structure and the test specimen at the 
girder-to-cap beam interfaces that are the critical girder sections, a reduced axial load in the 
specimen column was used. An axial load of 60 kips provided the best representation of the 
prototype moments in the specimen model. Figure 4.16 shows the girder moment diagrams 
for the prototype model at specimen scale along with specimen interior girder moment 
diagrams for an axial load of 60 kips on the test specimen column. The reduced axial load of 
60 kips on the column produces a better representation of the critical girder moments at all 
girder-to-cap beam interfaces of the test specimen. The interior girder moments at specimen 
scale at the right girder-to-cap beam interface is within 7 percent of the prototype value, 
while the specimen interior girder moment at the left girder-to-cap beam interface is within 
14 percent of the prototype value. Similarly, the exterior girder moment in the specimen 
compares better to the prototype moment, which can be seen in Figure 4.16b. 
To verify that using a reduced column load would not significantly alter the column 
response, the predicted load-displacement response for the first specimen was determined 
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R = (H*h) I (2L) 
M=H*h 
V = H =Applied horizontal column load 
M =Total girder moment due to H 
L =Length from support to column 
h =Column height in the specimen 
Figure 4.12 Calculation of specimen seismic moment at the girder-to-cap 
beam connection 
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after the specimen column detailed for the original axial load of 102 kips and the reduced 
axial load of 60 kips, as is presented in Section 5.6.2. 
4.2.1.3 Shear Comparison 
A comparison of the shear values predicted in the test specimen with the reduced column 
axial load and the scaled shear values from the prototype analysis was conducted. As 
presented in Section 4.2.1 .2, a column axial load of 60 kips produces a good moment 
comparison at the critical locations. However, a load of 60 kips does not produce a good 
representation of shear at the girder-to-cap beam connections. As shown in Figure 4.17, with 
an axial load of 60 kips, the shear at the right girder-to-cap beam connection in the interior 
girders is about 27 percent higher in the specimen than the scaled prototype values. At the 
left interface of the interior girder, the specimen shear is approximately 5 kips, but the scaled 
prototype shear is about -8 kips. In the exterior girders the specimen shear at the right girder-
to-cap beam interface is within 6 percent of the scaled prototype shear, but the at the left 
interface the specimen shear underestimates the scaled prototype shear by about 75 percent. 
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The simulation of prototype shear in the test specimen could be improved by increasing 
the column axial load. Analysis of the test specimen revealed that a column axial load of 130 
kips, which is about 125 percent of the dead load, would produce critical shear demand in the 
connection at the left girder-to-cap beam interface in the specimen. As Figure 4.18 shows, a 
column axial load of 130 kips produces a shear of -10.4 kips at the left girder-to-cap beam 
interface in the exterior girders, which compares satisfactorily with a scaled prototype shear 
of -8.5 kips. In the interior girders, the shear also compares more favorably with an axial 
load of 130 kips. Although the absolute value of the specimen shear in this location is 
slightly lower than the scaled prototype shear, they both act in the same direction and have 
small magnitudes. The shear values at the right girder-to-cap beam interfaces in the exterior 
and interior girders at 130 kips are significantly increased, with the shear in the specimen 
being conservatively higher than the prototype shear. Such a conservative representation is 
more desirable than the underestimations of shear that were predicted with an axial load of 
60 kips. 
In consideration of the column axial load requirements in the test specimen that produced 
a better comparison of the girder moments, the majority of the test was conducted with an 
axial load of 60 kips. However, an increase of the column axial load to 130 kips during a 
complete load cycle at a system ductility of µ8 = 4.0 was planned to critically evaluate the 
shear transfer. This chosen ductility level is widely used as the design target ductility for 
single column bridges in seismic design [5]. 
4.2.1.4 Load Sequence for Seismic Testing 
Seismic effects were to be simulated using a cyclic load pattern with full reversals as 
shown in Figure 4.19 while maintaining the gravity load at a constant level of 60 kips (with 
the exception of the one cycle at 130 kips). The first part of the test would be conducted 
under force control, in which the first yielding of the column reinforcement would be 
targeted in four equal load steps with one cycle at each step, resulting in the column first 
yield of ±~' y· Beyond the theoretical yielding of the longitudinal reinforcement in the 
column, the lateral load would be applied under displacement control. Using the measured 
values of±~' Y• as defined in Section 3.2, and ±Fy, where Fy is the lateral load corresponding 
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Figure 4.19 Load sequence selected for simulation of seismic effects on test specimen 
to 11' y, displacement Lly at the column end corresponding to the system ductility µt. = 1.0 
could be obtained from 
(4.7) 
where Fr is the theoretical ideal strength of the system as determined from a moment-
curvature analysis, which is defined at the extreme fiber concrete strain of 0.004 in the 
critical section of the column, and +L'1y and -Lly represent the push and pull directions of 
testing, respectively. For the remainder of the test, the column lateral displacement would be 
increased in six load steps under displacement control such that ductility levels µLi= 1, 1.5, 2, 
3, 4, and 6 could be achieved. At each ductility level, three cycles with full reversals were 
planned. 
4.2.2 Applicability to a Multi-Span Prototype Structure 
Although the prototype bridge for this research is a two-span bridge, similar research has 
been performed assuming multi-span prototype bridges [9,16]. However, a comparison of 
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the proposed test specimen to a two-span and a multi-span bridge revealed that although the 
specimen configuration was based on modeling a two-span prototype, test results may be 
adapted to prototype bridges with multiple spans, such as a four-span prototype bridge as 
shown in Figure 4.20. 
To develop the four-span prototype dead load moment diagram, the distributed girder 
dead load was taken to be the same as the two-span prototype grillage model in Section 4.1.1. 
The dead load moment diagram for the two center spans in Figure 4.21 a was established 
using beam formulas [2]. The seismic load moment diagram in Figure 4.21 b for the center 
spans of the four-span prototype was developed by distributing the ultimate seismic moment, 
Mu, between the interior and exterior girders according to distribution factors used for the 
two-span prototype (Section 4.2.1.2). The combined dead load and seismic load moment 
diagram for the center two spans of the four-span prototype bridge is shown in Figure 4.21c. 
Figure 4.22 shows a moment comparison of the four-span prototype at specimen scale 
and the test specimen with an axial load of 60 kips applied to the column. The moments in 
the specimen are seen to overestimate the scaled four-span prototype moments at the right 
Girder, deck, cap beam, and column properties 
same as two-span prototype bridge 
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girder-to-cap beam interface of both the interior and exterior girders. At the left interface of 
the interior girder, the specimen moment underestimates the scaled prototype moment by 
about 50 percent. For the exterior girder at the left interface, the specimen moment is 
negative while the scaled prototype value is positive. However, with a reduced column axial 
load of about 50 percent, the test configuration would more suitably model the four-span 
prototype. Figure 4.23 shows the moment comparison of the specimen girder moments with 
an axial load of 34.2 kips and the scaled four-span prototype girder moments. The reduced 
axial load would produce satisfactory load simulation for a four-span prototype bridge. 
4.2.3 Laboratory Testing Equipment 
4.2.3.1 Reaction Frame 
The horizontal load test fixture for the laboratory testing consisted of a steel frame, 
shown in Figure 4.24, tensioned to a structural tie-down floor. The test fixture was designed 
to resist a horizontal design service load of 200 kips with an ultimate capacity of 280 kips. 
Cast-in-place reinforced concrete abutments were used to provide vertical support at the 
girder ends. The abutments were designed to support a vertical load of 200 kips. The 
vertical load test fixture, shown in Figure 4.25, was designed to resist a service load capacity 
of 140 kips and an ultimate capacity of 196 kips. 
4.2.3.2 Hydraulic Loading System 
4.2.3.2.1 Vertical Loading System 
The purpose of the vertical load system was to apply the simulated gravity load to the 
column. The line of action of this load was downward through the center of the column. 
Refer to Figures 4.25 and 4.26 for a diagram and photograph of the hydraulic ram, spreader 
beam, and load cell configuration. The actuators for this system consisted of two hollow 
core hydraulic rams, each connected to one side of a horizontal spreader beam by a 1.25 in. 
diameter Dywidag bar. The horizontal spreader beam was centered on the loading block of 
the column and transferred the tension load applied by the two actuators to the column. The 
two hydraulic jacks each had a capacity of 120 kips and were controlled manually using a 
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hydraulic pump connected in parallel to each actuator. The load applied by each actuator on 
the Dywidag bars was monitored individually by load cells, each with a capacity of 200 kips. 
4.2.3.2.2 Horizontal Loading System 
The horizontal load system was used to apply the cyclic horizontal load on the loading 
block of the column to simulate the seismic condition. Refer to Figure 4.27 for a diagram of 
the hydraulic horizontal load control system The system consisted of a Vickers heavy duty 
hydraulic actuator (150 kips push capacity, 105 kips pull capacity, 24 in. stroke), a Moog 72-
101 Servovalve, an MTS 284.24 Service Manifold, and a 55 gal./min. hydraulic pump that 
was part of an MTS Controller system. The servovalve was controlled by the MTS system 
and controlled the direction of flow of hydraulic fluid into the actuator. The manifold acted 
as a pressure regulator between the pump and the servovalve. 
The main control frame of the horizontal load system was an MTS 442.11 Controller, 
which was used in conjunction with an MTS 440.13 Servocontroller and an MTS 440.14A 
Valve Driver. The initial, force-control portion of the seismic load test was governed by a 
Strain Sert load cell. This load cell was a clevis pin model that was installed in the actuator 
rod end between the actuator and the column load end. The load cell was calibrated over a 
range of 150 kips. The load cell voltage was scaled by the controller to a range of -10 V to 
10 V, in 0.01 V increments, providing a sensitivity of 150 lb. The load control for each load 
step was governed by a hand-controlled potentiometer at the controller. The servocontroller 
adjusted the servovalve accordingly to apply the correct load with the actuator in the closed 
loop system (see Figure 4.28). 
The displacement-control portion of the test was controlled by a displacement transducer 
rather than a load cell. The displacement transducer was calibrated over a range of 10 volts 
and a displacement of 25 inches. Again, the displacement was specified by using the hand-
controlled potentiometer at the controller. 
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Figure 4.27 Horizontal load hydraulic control system 
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5 SPECIMEN SPCl 
The first one-third-scale test specimen, SPCl, was tested in the Structures Laboratory at 
Iowa State University in October 2001. The specimen was subjected to the simulated 
seismic loading described in Section 4.2.1.4. Primary objectives for SPCl were the overall 
seismic performance of the structure and the performance of the column-to-cap beam and 
girder-to-cap beam connections. The test configuration of SPCl, shown in Figure 5.1, was 
very similar to the general specimen configuration presented in Section 4.2. The 
development of the specific details of SPC 1 are presented below. 
5.1 Critical Details 
As was presented in Section 4.1.2, the primary design of the reinforced column was done 
at prototype scale. However, the critical details of SPCl were designed at the specimen 
scale. In addition to the design of the column, the other main regions and components to be 
designed were the girders, cap beam, column-to-cap beam connection, and girder-to-cap 
beam connection. 
5.1.1 Column 
As presented in Section 4.1.2, the longitudinal reinforcement ratio for the column was 
determined to be 2.0 percent. For the 24-in. column diameter for SPCl at one-third-scale of 
the prototype dimensions, the chosen longitudinal reinforcement design to provide this ratio 
was 20 No. 6 (db1 = 314 in., where db1 is the bar diameter) reinforcing bars. 
As discussed in Section 4.1.2.4, the required volumetric ratio of transverse reinforcement 
was determined to be 0.00727. Using No. 3 (dbl= 3/8 in.) spiral reinforcement, the required 
spacing was determined to be 2.63 in. by Equation 5.1: 
(4 Asp) I (D's)~ Ps (5.1) 
where Asp is the cross-sectional area of the spiral, D' is the center-to-center diameter of the 
spiral representing the diameter of core concrete, s is the spiral spacing, and Ps is the 
volumetric ratio of transverse reinforcement. Assuming 1 in. of concrete cover for the 
longitudinal reinforcement resulted in D' = 22 3/8 in. Based on this relationship, a spacing 
of 2.5 in. was used for the column spiral. The spiral spacing could be increased outside the 
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plastic-hinge region of the prototype column, but because of the shortened column height in 
the specimen and for simplicity the spacing was kept constant throughout the column height. 
Following the design of the column reinforcement in SPCl, a moment-curvature analysis 
of the column section was performed using the procedure outlined in Section 3.2. The 
ultimate moment, Mu, for the column was determined to be 7189 kip-in. The moment-
curvature analysis was performed with a column axial load of 60 kips as planned for the 
seismic test. The ultimate moment was reached when the concrete strain exceeded the 
ultimate concrete strain C:cu· For Mu and an overstrength factor of 1.05, the overstrength 
moment of the column, M0 , was determined to be 7548 kip-in. from Equation 3.3. 
5.1.2 Cap Beam 
The cap-beam design was completed at MM [15] and was controlled by geometrical 
considerations. A width of 30 in. and a height of 22 5/16 in. was chosen for the box-shaped 
cap beam to provide adequate dimensions for the connection and anchorage of the No. 6 
longitudinal reinforcing bars for the column. Equation 5.2 was used to determine the 
minimum anchorage length, la, according to current seismic design recommendations [ 5, 17]: 
la= (0.025 dbifye) / (f c) 112 (5.2) 
where fye is the expected yield strength of the reinforcement and r c is the 28-day 
compressive strength of the concrete in the connection region. For the No. 6 longitudinal 
reinforcement, the required depth was determined to be 19.6 in. (approximately 26 db). The 
chosen overall depth of 22 5/16 in. for the cap beam provided la = 20 5/16 in. if the column 
bars were terminated 1 in. above the bottom plate of the cap beam (in the laboratory 
orientation). However, most bars were extended into the deck. (Refer to Reference [30] for 
more details.) A plate thickness of 0.5 in. was determined based on shear, bending, and 
torsion strength considerations. In addition, the width-to-thickness ratios of the plates were 
checked to ensure prevention of local buckling. 
5.1.3 Girders 
The design of the girders was also completed at MM. The girder depth was governed by the 
cap-beam height. Since the cap beam extended through the web of the girders, a girder-web 
height of at least 22 in. was necessary. Based on this geometric constraint and strength 
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considerations, a W24 x 68 rolled shape was used for each of the four girders. This rolled 
shape is a compact section. 
5.1.4 Column-to-Cap Beam Connection 
The design details of the column-to-cap beam connection region were determined by 
using a strut-and-tie model to minimize the amount of joint shear reinforcement. Such an 
approach for joint regions has been successfully implemented in the design of bridge joints 
[17,27]. The two mechanisms as shown in Figure 5.2 (shown in the prototype orientation) 
were used in the design of the connection [30]. Each mechanism was assumed to support 0.5 
Tc, where Tc is the total tension force corresponding with the column overstrength moment, 
enabling full development of the moment capacity in the column plastic-hinge region. Joint 
spiral reinforcement and shear stud details were designed using the estimated forces in the 
struts and ties for the two mechanisms. Specifically, the joint spiral reinforcement design 
was based on the magnitude of the tension force FH to sustain Mechanism 1, assuming that 
no effective resistance would be provided by the vertical cap-beam plates. Also, since it was 
assumed that the surrounding cap beam and diaphragm plates would not provide adequate 
0.5 Tc 0.5 Tc 
~ 
(a) Mechanism 1 (b) Mechanism 2 
Figure 5.2 Force transfer mechanisms used in detailing the column-to-cap beam 
connection [29] 
Gauged long bars 
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20 - 5/8" x 2 11/16" shear 
studs 
5 5116" vertical spacing 
5 7116" horizontal spacing 
Located on vertical cap 
plate 
#3 spiral@ 3.5" 
Slab re inforce ment 
#3 bar @ 4" c-to-c 
Both directions 
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Gauged short bars 
(terminated above the 
bottom cap beam in the 
laboratory orientation) 
5/8" x 4 3/ 16" shear studs 
Concrete as shown 
in shaded region 
Rein forced concrete slab 
1/2" x 2 1/8" shear studs 
Figure 5.3 Column-to-cap beam connection detail 
confinement for the joint region core concrete, the spiral reinforcement was necessary to 
provide this confinement. The cap beam and diaphragm plates would prevent spalling of the 
concrete in the joint region, however, eliminating the need to tie the joint spiral 
reinforcement to the column longitudinal reinforcement. Therefore, a 7/16 in. radial gap was 
provided between the joint spiral reinforcement and the column longitudinal reinforcement to 
allow the column longitudinal reinforcement to be placed through the cap beam without 
extreme difficulty. The resulting column-to-cap beam connection details for SPCl are 
shown in Figure 5.3. The spiral reinforcement within the depth of the cap beam was No. 3 
(3/8 in.) spiral with a pitch of 3.5 in., yielding a volumetric ratio of0.00562. 
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5.1.5 Girder-to-Cap Beam Connection 
The girder-to-cap beam connection consisted of a combination of bolted and welded 
connections (see Figure 5.4). As noted in Section 4.1, continuous plates were preferred for 
all sides of the cap beam with no splices. As such, the cap beam was extended through the 
webs of the girders. For this connection, the girder webs were terminated on each side of the 
cap beam to allow continuity of the cap plates across the entire width of the bridge. Girder 
continuity at the cap beam was provided by flange splice plates at the top and bottom of the 
cap beam and diaphragm plates inside the cap beam. The girder flanges were removed for a 
length of approximately 15 in. from each vertical face of the cap beam, (see photograph in 
Figure 5.5). The flange splice plates were bolted to the top and bottom plates of the cap 
beam and welded to the girder flanges using a full-penetration groove weld as shown in 
Figure 5.4. A fillet weld was used between these splice plates and the girder webs. These 
welds were dimensioned to resist shear flow between the web and the flanges. The bolted 
connection between the flange splice plates and cap beam was designed to resist the bending 
Splice plate 
Full penetration weld 
I 
2-L4x4x3/8 
"o Column 
0 " • 
11 3/8" - ----- 30" -----
Cap beam 
30x22xl/2 
Girder 
(W24x68) 
2-L4x4x3/8 
l/2x2 1/8 shear stud 
Figure 5.4 Girder-to-cap beam connection detail 
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Figure 5.5 Coped end of girder required for connection to the cap beam 
moment that was induced in the girders by the twisting of the cap beam. The web of each 
girder was connected to the cap beam using a pair of angles. Diaphragm plates were attached 
to the inside the cap beam with bolted angles. These plates were bolted to the box-shaped 
cap beam on all four sides, as shown in Figure 5.4. 
5.2 Instrumentation 
5.2.1 Load Cells 
Three load cells were used during the testing of SPCl to monitor the horizontal and 
vertical loads that were applied at the end of the column. Two load cells, each with a 
capacity of 200 kips, were used on each end of the vertical load beam to measure the vertical 
load (Figures 4.24 and 4.25, Section 4.2.4.2.1). The third load cell was a clevis load cell 
located in the clevis-type joint of the hydraulic cylinder and was used to measure the 
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simulated seismic load (Section 4.2.4.2.2). The voltage output from these load cells was 
recorded by the data-acquisition system throughout the test. This load cell was also 
connected to the servovalve, and its output was used to control the hydraulic-load system 
during the load-control portion of the seismic test. 
5.2.2 Displacement and Rotation Transducers 
Forty-two displacement transducers and three rotation transducers were located on SPCl 
as shown in Figure 5.6. Two transducers (DI and D2) were used to record the translation of 
the column in the direction and at the location of the applied horizontal load. The two 
devices used in this location each had different stroke limits to maintain accuracy throughout 
the entire displacement range. These transducers were mounted on a frame supported by the 
laboratory floor to ensure independence from the movement of the test specimen or test load 
frame. In addition to these two transducers, a rotation transducer (D3) was used to record the 
rotation of the column at the location of the applied horizontal load in a vertical plane that 
was parallel to the plane defined by the lines-of-action of the applied horizontal and vertical 
loads. 
Eight displacement transducers (D4 through D 11) were used to measure relative 
displacements between points along the height of the column at approximately 6, 12, 18, and 
30 in. above the upper flange of the steel cap beam. These devices were mounted on 
aluminum angles that were bolted to threaded rods that extended through the column 
concrete, as shown in Figure 5.7. The displacements measured by these devices were used to 
calculate the average curvature of the column between the threaded rod locations. 
Seventeen displacement transducers (D12 through D16, D22 through D26, and D32 
through D38) were used to record the vertical deflection of the test specimen at various 
points on the bottom surface (as oriented in the test setup) of the concrete slab. These 
devices measured the vertical deflections with respect to the laboratory floor. Transducers 
D12 through D16 and D22 through D26 were used to record the vertical deflection profile of 
one exterior and one interior girder, respectively. Transducers D35 through 38 were used to 
measure vertical deflections for the other two girders. Transducers D14, D24, D33, D36, and 
D38 were used to measure the vertical deflection profile along the centerline of the cap beam. 
Transducers D32 and D34 were used to establish the rotation of the steel cap beam in the 
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Lateral load 
l'-O!'b!O DI! 
(a) Longitudinal elevation (b) Transverse elevation 
Figure 5. 7 Displacement transducers used to measure the column curvature 
vertical plane parallel to the directions of the vertical and longitudinal loads applied to the 
column. 
Eight displacement transducers (Dl 7 through D20 and D27 through D30) were used to 
measure the relative horizontal displacement between points on the top and bottom flanges of 
the exterior and interior girders, respectively, and the adjacent web plate for the steel cap 
beam. Displacements from a pair of these transducers on each side of the cap beam were 
used to calculate an average curvature for the girder along the monitored length. Rotation 
transducers D2 l and D31 were used to measure the rotation of an exterior girder and an 
interior girder, respectively, at their roller-end bearing supports. Two displacement 
transducers (D39 and D40) were used to monitor dilatation of the steel cap beam at the mid-
height of the cap-beam webs and at the mid-width of the test specimen. Four displacement 
transducers (D41 through D44) were used to measure the horizontal displacements of the 
girders with respect to the laboratory floor. Two of these transducers (D42 and D44) were 
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used to measure the axial change in length of one of the interior girders. One displacement 
transducer (D45) was used to measure the translation of the specimen relative to the 
laboratory floor. 
5.2.3 Strain Gages 
Fifty-eight strain gages were used to measure strains at selected locations of specimen 
SPCl, as shown in Figure 5.8. Sixteen strain gages (SI through S16) were used to record 
longitudinal strains in the flanges of an exterior and interior girder. Gages S 1 through S4, S7 
through S 12, S 15, and S 16 were used to measure strains in the top and bottom flanges of the 
steel girders. The other four gages (SS, S6, S 13, and S 14) were used to record strains in the 
upper splice plate of the girders above the cap beam. The data recorded from these sixteen 
gages was used to determine a proportionality factor correlating the forces induced in the 
exterior and interior steel girders. 
Five strain gages (S 17, S 18, and S20 through S22) were used to record strains in the 
spiral reinforcement in the column and in the connection region within the steel cap beam. 
Gages S 1 7 and S 18 were used to record the circumferential strain in the spiral reinforcement 
in the connection region near the mid-height of the cap beam. Gages S20 through S22 were 
used to record the circumferential strains in the column spiral reinforcement at locations just 
above the cap beam in the laboratory test configuration. The data gathered from these strain 
gages was used to determine the effectiveness of the spiral reinforcement in providing 
confinement of the concrete in the connection region and in the plastic-hinge region. 
Seventeen strain gages (S23 through S25 and S27 through S40) were used to measure 
longitudinal strains on the column longitudinal reinforcement within the column-to-cap beam 
connection region. These gages were used to investigate the development length and 
anchorage of the longitudinal bars. 
Eight strain gages (S41 through S46, S48, and S49) were used to measure vertical strains 
in the webs of the steel cap beam at the mid-width of the test specimen. These gages were 
located at various positions along the height of the cap beam. They were used to investigate 
the transfer of forces from the column to the cap beam. Gage S4 7 was used to monitor 
transverse strains in the lower flange plate of the cap beam at the mid-length and mid-width 
of the test specimen. The direction of strain measured by this gage was normal to the length 
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of the steel cap beam. Two strain gages (S50 and S5 l) were used to measure strains on two 
of the headed studs in the connection region. The gages were oriented along the length of the 
studs. These gages were used to investigate the effectiveness of the force transfer 
mechanism from the column to the cap beam. 
Gage S52 was used to measure the longitudinal strain in the upper flange plate of the steel 
cap beam. This gage was located at the mid-point of the horizontal cap plate between the 
exterior and interior girders. The strains recorded by this gage were used to provide an 
indication of the effectiveness of the exterior girder in providing resistance for the vertical 
loads. Abrupt changes in the strains measured by this gage would indicate a significant 
change in the vertical and horizontal load distribution percentage between the interior and 
exterior girders. Gage S53 was used to measure transverse strains in the upper flange plate 
for the steel cap beam. This gage was located at the same location as Gage S52 and was 
oriented normal to the length of the cap beam. An abrupt change in the strains recorded by 
this gage would provide an indication of potential local buckling of the flange plate for this 
region of the steel cap beam. Gages S54 and S55 were used to monitor vertical strains in the 
cap beam web plates at the mid-height of the web and at the mid-point between the interior 
and exterior girders. Abrupt changes measured by these gages would indicate potential local 
buckling of the web plate for this region. Gages S56 and S57 were located on two of the 
steel diaphragm plates within the cap beam that were in alignment with the web plates of the 
exterior and interior girders. These gages were oriented vertically to measure vertical strain 
in the diaphragm plates and were located at the mid-height and mid-depth of the diaphragm 
plates. They were used to monitor the out-of-plane buckling stability for the diaphragm 
plates. An abrupt change in the strains measured by these gages would indicate the 
possibility of plate buckling. 
Gages S58 through S60 were used to measure strains m three of the longitudinal 
reinforcing bars in the slab. Gage S58 was located near an interior girder just below the web 
plate of the steel cap beam, Gage S59 was located directly below the center of the column, 
and Gage S60 was located near an exterior girder just below the web plate of the steel cap 
beam. These gages were used to monitor flexural strains for the composite slab and girder 
system and to monitor potential damage to the slab caused by distortion of the cap beam. 
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5.3 Construction 
Specimen SPC 1 was constructed in an inverted position to simplify the test configuration. 
However, the inverted position posed a couple of difficulties in the specimen construction, as 
described in the following sections. The construction problems encountered would not likely 
be issues in the field. The construction consisted of the following main stages: cap beam and 
girders, bridge deck, column-to-cap beam connection, and column and loading block. 
5.3.1 Cap Beam and Girders 
The steel box beam and girders were fabricated into a single assembly at Paxton-Vierling 
Steel Co. in Carter Lake, IA. Photographs that show different phases of the fabrication are 
presented in Figures 5.9 through 5.13. Figure 5.9 shows the steel, box-shaped cap beam with 
two exterior sides, four interior diaphragm plates, and the two vertical end plates prior to 
final assembly. Figure 5.10 is a view of the cap-beam region between the interior girders 
prior to the attachment of the side and top plates of the cap beam. This region was used to 
Figure 5.9 Cap beam during assembly 
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Figure 5.10 Column-to-cap beam connection region in the upright position 
Figure 5.11 Bottom plate of cap beam (laboratory orientation) prior to installation 
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Figure 5.12 Overall view of prefabricated cap beam and girder assembly 
Figure 5.13 Cap beam and girder assembly in the longitudinal direction 
of the test specimen 
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anchor the column longitudinal reinforcement to provide an integral connection. Figure 5.11 
shows the top plate of the cap beam before it was attached to the rest of the cap beam. 
Figures 5.12 and 5.13 are pictures of the cap beam and girder assembly after it has been 
completed and delivered to the ISU Structures Laboratory. 
5.3.2 Bridge Deck 
The steel reinforcement for the bridge deck was No. 3 bars that had a yield strength of 60 
ksi and were spaced at 4 in. center-to-center in each direction as shown in Figure 5 .14. The 
reinforcement was positioned with cover concrete of 1 in. below and 7 /8 in. above. 
The concrete for the bridge deck was cast on plywood formwork that was supported by 
the laboratory floor. Figure 5.15 shows views of the bridge deck formwork prior to 
positioning the prefabricated cap beam and girder assembly. The transverse reinforcement at 
the location of the cap beam was not positioned until after the cap beam and girder assembly 
was set into position. A 3500 psi concrete mix with a maximum aggregate size of 3/8 in. and 
a 7-in. slump was used for the bridge deck. 
Upon removal of the formwork, a gap existed in the bridge deck concrete under the north 
girder very near the northwest support. The gap had a surface area of approximately 15 in. 2 
I 19'-0" I 
--
#3 reinforcement 
4" center-to-center 
both directions 
2'-4" 
I 
-~ 
Figure 5.14 Concrete deck reinforcement 
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Figure 5.15 Deck formwork and reinforcement prior to placing cap beam and 
girder assembly and tying reinforcement 
and extended through the deck thickness up to the girder flange. This gap was patched with 
Quikrete Concrete Resurfacer, a blend of Portland cement, sand, and water, with an 
approximate 7-day strength of 3500 psi and a 28-eight-day strength of 5000 psi (more 
information about this material is given on the Quikrete website [ 18]). 
5.3.3 Column-to-Cap Beam Connection 
The spiral reinforcement in the connection region (Section 5.1.4) was positioned in the 
cap beam prior its final assembly. The longitudinal reinforcement for the column also 
extended into the column-to-cap beam connection, as discussed in Section 5.1.4. Refer to 
Figure 5.16 for a diagram of the location of the longitudinal bars. Figure 5.17 shows the 
spiral reinforcement in the column-to-cap beam connection region. Figure 5 .18 shows the 
portion of the column longitudinal reinforcement that extends through the cap beam and into 
the bridge deck, prior to the positioning of the column reinforcement. 
Because the column longitudinal bars had to be in position prior to casting the concrete 
80 
1 
Load 
Note: All bars penetrate slab 
unless noted 
Bars not 
penetrating 
into slab 
Direction 
Note: Spiral reinforcement 
has been excluded 
for clarity 
(a) Top view 
~1n--1 1r--r:irm~~1 
\ '. I I I I \ I I ! 11 i l 1 i ~~---- Column 
111 I ·' I 1111111~ 
1 I i I : i I 11 11 I Iii I . =i+=if#f L - - ~ 
. I Ii 11 I II /r 
I I 11 111 . 
1 11 · 11 --+-- -Pier cap 
. 11 I I 
1. 11 ~ 
I I 11 : 111 11 I I 
I I 11 11 I /I -Slob 
I llJl I I . I 
i=====l::t:±:::::J:··-='o ... \tr-t=-nb[ .. ~~~ 
Longitudinal bars _ ... v· .. 
not penetrating cap 
(b) Elevation 
Column 
Jongitudmal 
bars 
Figure 5.16 Orientation of column longitudinal reinforcing bars 
81 
Figure 5.17 Column-to-cap beam connection spiral reinforcement 
Figure 5.18 Column longitudinal reinforcement (before insertion into the cap beam) 
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for the connection and deck, the concrete for the connection region had to be placed from 
approximately ten feet above the top surface (laboratory orientation) of the cap beam. The 
casting procedure involved depositing the concrete on a plywood platform that was located 
above the column longitudinal bars and then shoveling the wet concrete into a funnel that 
was attached to the end of a 4-in. diameter PVC pipe which emptied into the 4-in. diameter 
hole at the top of the column-to-cap beam connection. The concrete mix for this connection 
consisted of a 3500 psi mix, 3/8 in. maximum aggregate size, and an initial slump of 2.5 in. 
Prior to placing the concrete, 8 gallons of water was added to 1.5 yd3 of concrete in the truck 
to increase the slump and workability The concrete was cast into the column-to-cap beam 
connection using lifts of about 4 in. Each lift was consolidated by using concrete vibrators 
that were placed through the center 4-in. diameter hole and through the four 1 1h in. diameter 
holes that were located in the upper plate of the cap beam at each comer of the column-to-
cap beam connection. Moving the concrete through the spiral reinforcement to the outer 
comers of the connection was difficult. In order to better facilitate placement after the first 
concrete lift, two more gallons of water were added to the remaining concrete in the truck. 
However, moving the concrete outside the spiral was still difficult, so following the second 
concrete lift, two additional gallons of water were added to the remaining concrete in the 
truck. After these adjustments to the concrete workability, the concrete placement proceeded 
reasonably well until the concrete was nearing the top of the cap beam. At this point the 
concrete could not be placed up to the top of the cap beam in the comers and outer edges of 
the connection, so the concrete placement was discontinued. 
The remaining volume of the column-to-cap beam connection was filled with a fluid mix 
of Quikrete Non-shrink Precision Grout No. 1585, with a specified 7-day strength of 6000 psi 
and 28-day strength of 8000 psi (refer to the Quikrete website for further details [19]). About 
1.05 ft3 of grout was used to fill the approximate height of 2.4 in. in the outer connection 
area. 
5.3.4 Column and Loading Block 
The column longitudinal reinforcement was spaced along the column core circumference 
by using plywood templates. After the spiral reinforcement was positioned and tied to the 
longitudinal bars, the plywood templates were removed. The column longitudinal and spiral 
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reinforcement cage was positioned on the steel cap beam. 
The reinforcement in the coluinn loading block (top in testing position) consisted of 
twelve No. 6 longitudinal bars around its perimeter. The transverse reinforcement consisted 
of No. 4 U-shaped bars oriented in a square pattern around the perimeter. No. 3 J-hook bars 
tied the interior vertical bars, as shown in Figure 5 .19. 
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Figure 5.19 Reinforcement details of the loading block at the top of the column 
84 
plywood and was supported by a wood tower that was also used to support the column size, 
was used as the column formwork. The loading block formwork was constructed of 
Sonotube. Figure 5.20 shows the column reinforcement cage and the lower portion of the 
column loading block formwork tower. 
The concrete for the column was cast from above the loading block. One-foot concrete 
lifts were planned; however, inadvertently the first lift was placed to a depth of about 3 ft. 
After each lift, the concrete was consolidated using a 2-in. diameter concrete vibrator. The 
concrete used in the column consisted of a 3500 psi mix with a 3/8-in. maximum aggregate 
size and a 4.5-in. slump. Upon removal of the column formwork, some voids were 
discovered outside of the spiral reinforcement in the bottom 3 to 4 in. of the column height. 
These voids were probably a result of the large depth for the first concrete lift and by 
insufficient vibration at the bottom of the column. The concrete above and below the bottom 
loop of the spiral was removed to provide sufficient anchorage for a concrete patch. The 
prepared voids were patched using Quikrete Concrete Resurfacer [18], the same material 
used in patching the slab. 
Figure 5.20 Column reinforcement after completion of the column-to-cap beam 
connection 
85 
5.4 Material Properties 
Properties of the column longitudinal and spiral reinforcement were determined by 
conducting tensions tests on three 36-in. long samples of each type of reinforcement. The 
average of the tension strength data that was obtained from the three tests is listed in Table 
5.1. The yield strengths listed for the column spiral correspond with the yield stress at 0.2 
percent offset strain. 
For each of the three separate concrete castings (deck, column-to-cap beam connection, 
and column), compression-strength tests were performed on three standard concrete cylinders 
to determine 7-day, 28-day, and test-day strengths. The concrete cylinder compressive 
strengths are listed in Table 5.2. 
Table 5.1 SPCl steel reinforcement tensile strengths (ksi) 
Yield 
Ultimate 
Column 
Longitudinal 
66.6 
95.2 
Column 
Spiral 
65.6 
94.9 
Connection 
Spiral 
66.0 
96.5 
Table 5.2 SPCl concrete unconfined compressive strengths (ksi) 
Time Bridge Deck Column-to-Cap Column Connection 
7-day 2.56 3.41 2.43 
28-day 3.62 4.47 3.41 
Test day 3.90 4.70 3.73 
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5.5 Seismic Load Simulation 
Since structural members and their dimensions chosen for SPC 1 were identical to the 
preliminary values used in Section 4.2.1 for the investigation of the test setup and simulated 
seismic load sequence, the load sequence presented in Figure 4.19 is directly applicable to 
SPCl. Hence testing of SPCl followed the load sequence in Figure 4.19 with a reduced 
column axial force of 60 kips for most portions of the testing. 
5.6 Predicted Response 
A grillage model was developed for SPC 1 to predict the overall response envelope of the 
system and to conduct a stress analysis of the steel superstructure prior to experimental 
testing. This model was developed in ANSYS [ 4]. A pushover analysis of the model 
produced the required results. More details of the model and analysis results are presented 
below. 
5.6.1 Grillage Model Configuration 
The layout of the grillage model for SPCl is shown in Figure 5.21. Similar to the 
configuration of the prototype grillage model, the longitudinal members were composite 
sections that modeled the steel girders and concrete deck (Figure 5.22a). The transverse deck 
members modeled the concrete deck (Figure 5.22b ). Both the longitudinal and transverse 
members were located at the centroid of the composite girder-and-deck members. The cap 
beam members (Figure 5.22c) modeled only the steel cap beam. As is detailed in Figure 
5.21, these cap-beam members were located above the deck members to account for the 
difference in centroid location of the cap-beam members and the deck members. The cap-
beam members were connected by rigid links to the deck members using the same technique 
as that for the prototype grillage model, which was developed at MM. The vertical column 
elements (Figure 5.22d) modeled the concrete column section. The plastic-hinge region of 
the column was modeled by a nonlinear spring element (the COMBIN39 element in ANSYS 
[ 4]) with moment-rotation properties that were determined as described in Section 3 .3. The 
moment-rotation relationship was developed from a moment-curvature analysis, as discussed 
in Section 3.2 and shown in Figures 5.23 and 5.24. Finally, transverse members were located 
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Figure 5.21 Layout of the specimen grillage model 
between the supports to model the steel diaphragms (Figure 5 .22e) located between the 
girders at their ends. Details of the section property calculations for the grillage model were 
presented in Section 3.4. 
To account for the cracking of concrete, cracked section properties were developed for 
the concrete deck and concrete column members (Figure 5.22f). As the applied load was 
increased, the uncracked-concrete section properties of the deck and column elements were 
updated to cracked-concrete section properties when the flexural stress in the element 
exceeded the concrete rupture strength as defined in ACI 318-99 [3]. The section properties 
for the exterior longitudinal members, interior longitudinal members, exterior transverse 
members, interior transverse members, cap-beam members, column members, and 
diaphragm members are listed in Table 5.3. 
5.6.2 Force-Displacement Envelope 
The lateral load-displacement relationship for SPCl was developed by first applying a 
column axial load of 60 kips and then applying an incrementally increasing lateral load at the 
column end until the theoretical yield strain was induced in the extreme longitudinal bars in 
the column. Following initial yielding of the column bars, incremental displacements were 
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Table 5.3 Member properties used in the grillage model of SPCl 
(reported values are in the local coordinate system) 
Member A (in2) Ix (in4) ly (in4) J (in4) 
Exterior girder element (long. uncracked) 31.2 3077 1620 14.6 
Exterior girder element (long. cracked) 21.3 2356 185 1.87 
Interior girder element (long. uncracked) 31.8 3123 1809 15.3 
Interior girder element (long. cracked) 21.4 2390 207 1.87 
Exterior deck element (trans. uncracked) 52.5 30.1 1750 60.3 
Exterior deck element (trans. cracked) 26.3 15.1 875 30.1 
Interior deck element (trans. uncracked) 105 60.3 14000 120.6 
Interior deck element (trans. cracked) 52.5 30.2 7000 60.3 
Cap beam element (transverse) 51 4239 6819 7888 
Column element (uncracked) 452 16286 16286 32572 
Column element (cracked) 452 7166 7166 14332 
Diaphragm element 10.3 510 15.3 0.51 
applied to the column end to determine the corresponding column end lateral forces. 
Cracked-concrete section properties were used where appropriate, as described in Section 
5.6.1. The resulting force-displacement envelope is presented in Figure 5.25. From the 
analysis, concrete cracking was expected to occur at a lateral load of 6.5 kips. To confirm 
the validity of adjusting the column axial load to produce proper prototype simulation, as 
presented in Section 4.2.1, the specimen grillage model was used to compare the force-
displacement response of the specimen with a column axial load of 102 kips (100% dead-
load simulation) and 60 kips (the axial load proposed for SPCl). For this comparison, a 
column axial load of 102 kips was applied to the column end, the properties of the grillage 
model plastic hinge were developed from a moment-curvature analysis based on a column 
7000 
6000 
:? 5000 
~ 
c 4000 
GI 
E 
0 
::::!: 3000 
2000 
1000 
90 
Axial force = 60 kips 
O+--~~~~~~~~~~~~~~~~~~~~~~~~-; 
0.0000 0.0005 0.0010 0.0015 0.0020 0.0025 0.0030 0.0035 0.0040 
Curvature (1/in) 
Figure 5.23 Moment-curvature relationship for the specimen column section 
Axial force= 60 kips 
7000 
6000 
'2 5000 
~ 
c 4000 
GI 
E 
0 
::::!: 3000 
2000 
1000 
0 
0 0.01 0.02 0.03 0.04 0.05 
Rotation (radians) 
Figure 5.24 Moment-rotation relationship derived for nonlinear spring modeling 
of the column plastic hinge 
91 
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Figure 5.25 Predicted lateral load-displacement response envelope for specimen SPCl 
axial load of 102 kips, and the corresponding force-displacement response was determined 
from the grillage analysis. This force-displacement response for a column fixed at the base 
with an axial load of 102 kips is compared to the force-displacement response with an axial 
load of 60 kips in Figure 5.26. The comparison reveals that the response is only slightly 
different with a reduced axial load than with the full axial load. 
5.6.3 Analysis of Superstructure 
To verify that the proposed test loads would not produce yielding in the steel girders, a 
column axial load of 130 kips and the maximum expected lateral load of 80 kips was applied 
to the end of the column of the grillage model for specimen SPCl. The analysis predicted 
that the induced maximum normal stress expected in the girders, which occurred in the 
interior girders at the girder-to-cap beam interface, was equal to 24.6 ksi. This value was 
well below the specified yield strength of 50 ksi for the girder steel; therefore, yielding of the 
girder steel was not expected. 
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5.7 Test Observations 
General observation of SPC 1 revealed that the specimen behaved satisfactorily by 
responding in the manner that was assumed in the design. As required by the capacity design 
philosophy, a plastic hinge formed in the column adjacent to the cap beam. The 
superstructure exhibited elastic response throughout the entire test, which is also a 
requirement of the capacity design philosophy. 
5.7.1 Load Control 
During the first load step, 0.25 Fy (12 kips), concrete cracking was not observed in the 
column, but a small flexural crack formed at the interface between the bottom of the concrete 
column and the steel cap beam. At a horizontal load of 24 kips, which corresponded to the 
0.5 Fy stress condition for the extreme longitudinal bars in the column, horizontal flexural 
cracks formed in the column. These cracks were spaced about 6 in. apart and were located 
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over the bottom 5 ft of the column. In addition, flexural cracks with a spacing of about 18 to 
24 in. formed in the slab. The flexural cracks in the slab that were located at 18 in. on either 
side of the cap beam extended across the entire slab width. When the load was increased to 
36 kips (the 0.75 Fy stress condition), the cracks that formed at the 0.5 Fy stress condition 
extended, and a few new flexural cracks developed up to a height of about 6 ft above the cap 
beam. Also, the flexural crack at the column-to-cap beam interface was clearly visible. The 
flexural cracks in the deck also extended. At a load of 48 kips (1.0 Fy), a few new flexural 
cracks formed in the column, and many flexural crack extensions occurred. The deck 
contained cracks over a distance of approximately 40 in. on either side of the cap beam. 
5. 7 .2 Displacement Control, µL\ = 1.0 to µL\ = 3.0 
The lateral displacement of the column was sequentially increased during the 
displacement-controlled part of the seismic test (see Figure 4.19). Following the load-control 
portion of the test, the displacement corresponding to µL\ = 1.0 was determined to be 1.35 in. 
from Equation 5.3: 
L'ly = [( l+ll' yl + l-11' yl ) I ( l+Fyl + 1-Fyl )] Fr (5.3) 
where +ll'y and -ll'y were determined from load step 1.0 Fy to be 1.094 in. and -1.046 in., 
respectively, +Fy and -Fy were 48 kips and -48 kips, respectively, and Fr was 60.15 kips as 
determined from the moment-curvature analysis of the column section. 
At ductility µL\ = 1.0, only a few small crack extensions occurred in the column because 
of the small increase in the horizontal load from that applied at 1.0 Fy. The horizontal force 
resistance at ductility µ6 = 1.0 was approximately 50 kips. At ductility µ6 = 1.5, the flexural 
cracks that previously formed in the column began to extend in a downward direction due to 
shear-force effects. At the maximum displacement for this ductility level, the flexural crack 
width at the interface between the concrete column and the steel cap beam increased to about 
1/8 in. Also, a small amount of concrete spalling occurred adjacent to this interface on the 
compression side of the column in the pull loading direction. Figure 5.27 shows that the 
flexural cracks at the base of the column following displacement level µL\ = 1.5 were fairly 
uniformly spaced at approximately three inches. A few inclined shear cracks are also visible 
in this figure. 
At the next displacement level, µL\ = 2.0, more concrete spalling occurred adjacent to the 
94 
(a) Column compression side in the push loading direction 
(b) Column compression side in the pull loading direction 
Figure 5.27 Base of the column at the completion of testing at µii= 1.5 x 3 
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interface with the development of wider cracks in the column. During the third displacement 
cycle at ductility µ,., = 2.0, the concrete resurfacer in the patched region at the base of the 
column began to spall. In addition, many of the flexure/shear cracks extended slightly, and 
an approximately one-inch long portion of the extreme longitudinal bar on the tension side of 
the column in the push loading direction became exposed. At ductility µ,., = 3.0, the 
separation at the interface of the column and cap beam was about 3/16 in. Additional shear-
crack extensions formed in the column, and the cracks within the bottom 18 in. of the column 
opened to approximately 1116 in. Also, concrete spalling on the compression side of the 
column in the push loading direction was significant enough to expose the spiral 
reinforcement. This concrete spalling can be seen in Figure 5.28. 
5. 7 .3 Displacement Control, µ,., = 4.0 to µ,., = 6.0 
During the first cycle at ductility µ,., = 4.0, each side of the column experienced more 
concrete spalling and longitudinal bars on both sides of the column were visible. The 
extreme longitudinal bar and one adjacent bar on the compression side of the column in the 
Figure 5.28 Concrete spalling and exposed spiral at the column joint atµ,.,= 3.0 x 3 
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pull loading direction buckled approximately 2 in. above the column-to-cap beam interface. 
Cracks within the bottom 18 in. of the column height were approximately 1/16 in. in width. 
During the push direction of the horizontal load of the third displacement cycle at ductility µ"" 
= 4.0, concrete spalling occurred up to 12 in. above the cap beam on the compression side of 
the column. In the pull loading direction, four longitudinal bars buckled on the compression 
side of the column. The buckling of the longitudinal bars is apparent in Figure 5 .29. In 
addition, one of the column longitudinal bars punctured the bridge deck, as shown in Figure 
5.30. 
During the final ductility level, µ"" = 6.0, in the push loading direction, two column 
longitudinal bars on the tension side of the column fractured at a horizontal column 
displacement of about 4 in. Spalling on the tension side of the column had increased to a 
height of about 8 in. and extended around about one third of the column circumference. 
Upon reversal of the column displacement, three column longitudinal bars fractured on the 
tension side of the column. The concrete spalled throughout the entire column-to-cap beam 
interface region and some concrete within the core of the column was partially spalled. 
The final two displacement cycles at ductility µ"" = 6.0 were omitted since during the first 
cycle the horizontal load resistance was reduced by 30 percent from the maximum recorded 
resistance. The fractured bars are shown in Figure 5.31. Figures 5.32 and 5.33 provide 
views of the tension sides of the column in the push and pull loading directions. 
5.8 Test Results 
5.8.1 Force-Displacement Response 
Figure 5.34 shows the observed force-displacement hysteresis response of SPCl, which 
appears to be stable and dependable up to µ"" = 4.0. Response observed at µ"" = 6.0 is not 
shown in this figure for clarity, since it exhibited a drop in lateral load resistance of about 30 
percent from the maximum resistance recorded at µ"" = 4.0 due to the fracture of the 
longitudinal reinforcement. Also, the predicted force-displacement response envelope, which 
has been revised using actual material properties, is shown in this figure. Up to displacement 
ductility µ"" = 4.0, the predicted response envelope closely matches the peak hysteresis 
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(a) Column compression side in the push loading direction 
(b) Column compression side in the pull loading direction 
Figure 5.29 Buckling of longitudinal bars at column base at µ6 = 4.0 x 3 
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Figure 5.30 Concrete spalling in deck below longitudinal reinforcement at µ~ = -4.0 x 2 
experimental data. Therefore, the load-displacement response of SPCl was generally 
consistent with the predicted load-displacement response. 
5.8.2 Column Performance 
5.8.2.1 Determination of Column Curvature from Experimental Data 
To determine the measured column curvature from the experimental data, threaded rods 
were extended through the column section and displacement changes between the sections 
were recorded on both sides of the column as shown in Figure 5.35. From this data, the 
curvature of each section was calculated by first calculating the difference in displacements, 
i1., from the tension and compression side, i1. 1 and i1.2, respectively, using Equation 5.4: 
where 
,1. = i1.2 - L11 
L11 =lg! - dl 
i1.2 = lg2 - d2 
(5.4) 
(5.5) 
(5.6) 
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(a) Column tension side while pull direction load is being applied 
~~~\~~~ 
~ 
(b) Column tension side in the push loading direction (horizontal load was removed) 
Figure 5.31 Fracture of column longitudinal bars atµ~= 6.0 x 1 
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Figure 5.32 Tension side of the column in the push loading direction after seismic 
testing 
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Figure 5.32 Tension side of the column in the pull loading direction after seismic 
testing 
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The angle change, Sc, could then be calculated using the displacement difference from 
Equation 5 .4 and the horizontal distance, lw, between measuring points using Equation 5. 7: 
Sc=~ llw (5.7) 
The curvature, <J>c, could be determined using Equation 5.8: 
<J>c =Sc/ lg (5.8) 
where lg is the vertical original gage length between measuring points on the column. For the 
bottom section adjacent to the cap beam, the adjusted gage length, lg', determined from 
Equations 5.9 and 5.10, is substituted for lg in Equation 5.8. 
lg' = lsp +lg [l - l.67(lg /le)] 
lsp = 0.15 fy dbl 
(5.9) 
(5.10) 
The experimental column moment at each section was determined by multiplying the applied 
lateral column load by the vertical distance from the applied load to the bottom of the section 
under consideration. 
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5.8.2.2 Moment-Curvature Response 
A predicted moment-curvature relationship was established as presented in Section 
5.3.1.1. using a computer program developed by King [10]. The column curvature was 
calculated as presented in Section 5.8.2.1 from the relative vertical displacements of the 
column at four locations on each side of the lower portion of the column. The predicted 
moment-curvature envelope and the average, measured moment-curvature at the critical 
column section adjacent to the cap beam are shown in Figure 5.36. The measured data 
correspond well with the predicted values. 
5.8.2.3 Demand on Spiral Reinforcement 
Insufficient anchorage of the spiral reinforcement adjacent to the cap beam appeared to 
cause the buckling of the column longitudinal bars, despite the fact that the spiral anchorage 
detail of two complete turns previously had been shown to be adequate [28]. The anchorage 
of the spiral could have been affected by the damage to the core concrete immediately 
adjacent to the steel cap beam, which appeared to be more severe than that for similar 
columns with concrete cap beams [24]. Figure 5.37 shows the measured strain histories for 
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the gages mounted on the column spiral near the cap beam. These strain histories indicate 
the concrete-confinement demand up to only µc. = 1.0 and µc. = 2.0, because these gages 
failed at these displacement ductilities during the test. The maximum-measured strain in the 
column spiral, measured by Gage S22, was approximately 1500 microstrains (Figure 5.37c), 
due to shear demand in the column. 
5.8.3 Cap Beam and Girder Performance 
5.8.3.1 Elastic Behavior 
Strain gages were mounted on the vertical plates of the cap beam surrounding the column-to-
cap beam connection region. These gages measured strains no larger than 80 microstrains 
throughout the seismic test. Gages were also mounted on the cap beam between the interior 
and exterior girders. These gages measured strains less than 120 microstrains. These strain 
magnitudes indicate elastic behavior. Details of the behavior of the cap beam in the 
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Figure 5.37 (cont.) Strain histories from gages mounted on column spiral 
connection region will be presented in Section 5.8.4. 
Figure 5.38 shows strain profiles from gages mounted on the top flange of an interior and 
exterior girder, as shown. Higher compression strains tended to occur on the side of the cap 
beam in compression under lateral column loading , reflecting the expected girder curvatures. 
Overall strains tended to be compressive, reflecting the influence of the applied column axial 
load. 
The girders exhibited elastic behavior throughout the seismic test, as shown by the 
relatively small magnitudes of the measured strains and the linear behavior of the selected 
strain histories presented in Figure 5.39. The largest girder strain was a compressive strain of 
approximately 680 microstrains, occurring during the third cycle of the load step at ductility 
µIi= 4.0 (the cycle during which the axial load was increased to 130 kips) on the top of the 
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Figure 5.38 (cont.) Strain profiles from top flanges (laboratory orientation) of girders 
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interior girder at a location that was adjacent to the edge of the cap beam. The single load 
cycle with higher strain values that is shown in each girder strain history in Figure 5.39 is due 
to the increased axial load that was applied during the third cycle at ductilityµ"'= 4.0. 
5.8.3.2 Distribution Factor Comparison 
As mentioned in Chapter 4, one of the objectives of the experimental program was to 
investigate how the vertical and lateral loads that are applied to the column are distributed 
between the interior and exterior girders. Staudt's lateral-load distribution model, which was 
presented in Section 3 .x, was used for the prototype bridge as discussed in Section 4.1.1.1. 
In addition, load-distribution factors were developed for the girders that were based on the 
specimen grillage analysis, which was presented in Section 5.6. These predicted distribution 
factors were determined by applying a lateral load to the column in the grillage model, using 
cracked-concrete section properties for the column members and the deck members that were 
subjected to flexurally-induced tension. Uncracked-concrete section properties were used for 
deck members in compression, and the load distribution between the interior and exterior 
girders was determined from the resulting analysis. The analytical distribution factors that 
were predicted by the lateral-load distribution model and the grillage model and that were 
calculated from the experimental tests are listed in Table 5.4. The experimental results that 
are shown were established by Staudt [31] from the data recorded during the seismic testing 
of SPCl at the peak of the load step corresponding to 1.0 Fy. 
Table 5.4 SPCl column lateral-load distribution factors(%) 
Interior Exterior 
Girder Girder 
Grillage analysis 72 28 
Stiffness analysis 73 27 
Experimental data 68 32 
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5.8.4 Column-to-Cap Beam Connection 
5.8.4.1 Column Longitudinal Strain Profiles 
Strains in four of the column longitudinal reinforcing bars were measured at various 
heights in the connection region. Two of the four gaged bars were terminated within the cap 
beam with sufficient anchorage length (see Section 5 .1.2) and did not penetrate into the slab. 
The other two gaged bars extended into the bridge deck and were located directly across the 
column section from the short gaged bars. The difference in bar lengths was used to 
investigate whether the longitudinal bars should be extended all the way into the slab. The 
strain profiles for these bars are shown in Figures 5.40 through 5.43. For clarity, the 
presented data has been organized according to the load and displacement control portions of 
the seismic test. The maximum strains developed along the embedded portions of the bars 
terminated within the cap beam were similar to the strains developed in the bars that 
penetrated into the deck. Also, the strain was negligible for the portion of the longitudinal 
bars that extended into the deck. Figure 5.44 shows the strain profiles in terms of absolute 
values of the strains in the vertical reinforcement with the two embedment lengths at the peak 
loads corresponding to 0.25 Fy, 0.5 Fy, 0.75 Fy, and 1.0 Fy and the peak displacement 
corresponding to µ,.. = 1.0. Again, the shorter bars can be seen to have strain profiles that are 
very similar to those for the bars that penetrate into the deck. These results indicate that 
extending the longitudinal bars into the deck was not necessary for this specimen. Adequate 
bar development length must be provided in the connection region. The longitudinal bars 
should be extended, as close as possible, to the bottom flange of the cap beam (in the 
laboratory orientation) [30]. 
5.8.4.2 Confinement in the Connection Region 
Figures 5.45 and 5.46 show strain profiles that were developed from the strain 
measurements by the gages that were mounted on the interior and exterior surfaces for one of 
the vertical plates of the cap beam in the connection region. These strain profiles reveal a 
general trend of increasing strain magnitude, for both the interior and exterior surfaces, as the 
column lateral load was increased. The largest strain magnitudes were measured at µ,.. = 
±4.0. A comparison of the strains on the interior and exterior surfaces of the plate appears to 
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Figure 5.40 Strain profiles from the column longitudinal reinforcement for a non-
extreme column bar from the load-control portion of testing 
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Figure 5.41 Strain profiles from the column longitudinal reinforcement for an extreme 
column bar from the load-control portion of testing 
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Figure 5.42 Strain profiles from the column longitudinal reinforcement for a non-
extreme column bar from the displacement-control portion of testing 
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Figure 5.43 Strain profiles from the column longitudinal reinforcement for an extreme 
column bar from the displacement-control portion of testing 
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Figure 5.44 Tension strain profiles for the reinforcing bars 
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Figure 5.45 Vertical strain profiles for the web plate of the cap beam at the first-cycle 
peak displacements under push direction loading 
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Figure 5.46 Vertical strain profiles for the web plate of the cap beam at the first-cycle 
peak displacements under pull direction loading 
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indicate a combination of membrane tension and outward bending action, with compressive 
strains at the center on the interior surface and tension strains at the center on the exterior 
surface. Outward bending is consistent with the dilatation measured at the mid-height of the 
connection. 
The strain gages located on the cap beam surrounding the connection region produced 
strains no larger than 170 microstrains throughout the seismic test (see Figure 5.47). These 
small strains indicate elastic behavior of the cap beam in the connection region. The strains 
are seen to be non-symmetric because the column longitudinal reinforcement near the cap 
plate carries a tension force when the column is subjected to pull-direction loading and a 
compression force when the column is subjected to push-direction loading. Figure 5.48 
shows the strain history on a shear stud on a web plate for the cap beam in the connection 
region. Although these strains are relatively small, with a maximum value of about 400 
microstrains, they indicate active participation of the shear studs in the force transfer between 
the concrete and steel cap beam in the connection region. Again these strains are seen to be 
non-symmetrical because of the load reversal in the column longitudinal reinforcement. 
Figure 5.49 provides the strain history of a gage mounted on the spiral reinforcement 
inside the connection region. The measured strains were relatively small throughout the 
seismic test, indicating that based only on this strain data the spiral was probably unnecessary 
in the connection, because of the concrete confinement provided by the steel cap beam and 
steel diaphragms surrounding the connection region. 
Displacement gages were positioned on each side of the cap beam-to-column connection 
region to measure the outward dilatation of the cap beam. Figure 5.50 shows a graph of the 
total dilatation versus the applied column lateral load, where the total dilatation is the sum of 
the displacements measured by D39 and D40. The dilatation plot is symmetric, as expected 
since the total dilatation from both sides of the cap beam is plotted for each loading direction. 
The initial magnitudes of the dilatation are relatively small, but they begin to increase 
significantly after the load exceeds that which induces the theoretical yield strength in the 
column reinforcement. This dilatation response indicates that although low strains were 
measured in the connection spiral throughout the test, a small increase in the column load 
may have caused a significant increase in the cap-beam dilatation significantly. Therefore, 
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Figure 5.50 Dilatation of vertical cap-beam plates in the connection region 
spiral reinforcement should be used inside the joint region [31]. 
5.8.4.3 Torsion Demand on the Cap-Beam Plate 
To investigate the tension demand imposed on the vertical cap-beam plate in the joint 
region due to the joint force transfer mechanism, an analysis of the connection region was 
conducted using the experimentally measured strains. The results from the moment-
curvature analysis presented in Section 5.6.1 were used to determine the tension force Tc 
developed in the column adjacent to the column-to-cap beam connection interface at ductility 
µ!1 = 4.0 (H = 64.8 kips). Using the theoretical strains at the critical section, the five extreme 
tension bars were determined to contribute 42 percent of Tc. Assuming the tension strut in 
Mechanism 1 (shown in Figure 5.2) carried 0.42 Tc, the vertical force in the cap plate, Fe, as 
shown in Figure 5.51 (in the prototype orientation), was determined to be 87.3 kips. This 
force was determined by assuming that strut C2 carried half of the tension force T 1, as was 
assumed in the design of the connection region. To determine the strain in the vertical cap 
plate, Fe was assumed to be distributed across the 40 in. vertical plate width between the 
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Figure 5.51 Calculation of strains in vertical cap-beam plate 
interior girders. Assuming that the load is distributed across the entire width between girders 
is reasonable, because compression struts typically form between the joint spiral and the 
comers of the connection region [ 17] and effectively load the entire width of the vertical 
plate. Based on this assumption, a vertical force of 87.3 kips corresponds to a stress in the 
vertical cap plate of 4.37 ksi and a strain of 151 microstrains. The average value of the 
measured strains at the top of the vertical plate at ductility µ~ = 4.0 was 98.8 microstrains. 
This strain was slightly smaller than the predicted value of 151 microstrains. Since the strut-
and-tie model provided a reasonable estimate of the vertical strain in this web plate of the cap 
beam, the design mechanism was a reasonable model for the internal forces within the 
connection region. In addition, the largest compression struts are typically expected to 
develop between the spiral reinforcement and the comers of the joint region near the interior 
girder webs [17], so the strains measured in the vertical plate at the centerline between the 
interior girders would expected to be lower than the predicted values. 
5.8.5 Girder-to-Cap Beam Connection 
The girder strains measured near the cap-beam interface, which were presented in Figure 
5.39c and d, remained below 700 microstrains throughout the seismic test. These strains 
were well below the yield strain of 1725 microstrains for the 50 ksi steel. Also, the strain 
125 
behavior was linear throughout the seismic loading. The strain values and linear strains are 
consistent with an elastic response. 
5.9 Conclusions and Summary of SPCl 
Based on current seismic design requirements, the seismic performance of SPC 1 was 
acceptable [5, 17]. The experimental load-displacement and moment-curvature data indicated 
no loss of strength under inelastic behavior up to ductility µi1. = 4.0. As predicted, a plastic 
hinge formed in the column adjacent to the cap beam, and the strains in the girders remained 
elastic throughout the seismic load test. Although the seismic performance was acceptable, a 
large amount of damage occurred in the concrete core adjacent to the cap beam, possibly due 
to interaction affects between the concrete column and the steel cap beam with the shear 
studs. The column, longitudinal-bar, strain profiles in the connection region revealed that 
sufficient anchorage could be achieved with the depth of the connection detail for SPC 1, 
without extending the bars through the cap-beam plate that is in contact with the bridge deck. 
Although the measured strains in the spiral reinforcement within the connection region were 
relatively small, the dilatation indicates that a cap-beam connection region without spiral 
reinforcement may not provide adequate concrete confinement at higher loads. 
The experimental data for SPC 1 validated the chosen connection details and indicated 
that similar concepts can be used with confidence in seismic regions. The connection details 
were shown to be adequate in the superstructure that was designed based on the column-to-
cap-beam connection detail requirements. Therefore, in the next specimen, SPC2, the depth 
and weight of the superstructure sections were to be minimized. The experimental 
investigation of SPC2 is presented in detail in the following chapter. 
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6 SPECIMEN SPC2 
The second one-third-scale experimental test specimen, SPC2, was tested in the 
Structures Laboratory at ISU in September 2002. Based on the success of the seismic 
performance and connection details in specimen SPC 1, the depth of the superstructure 
sections in SPC2 were minimized, along with modifications to certain connection details. 
The overall configuration of SPC2 is shown in Figure 6.1. 
6.1 Critical Details 
6.1.1 Column 
The column reinforcement details were not changed from specimen SPC 1, with the 
longitudinal reinforcement consisting of 20 No. 6 (db1 = 3/4 in.) reinforcing bars and the 
transverse reinforcement consisting of No. 3 (db1 = 3/8 in.) spiral reinforcement at 2.5 in. 
spacing. Refer to Sections 4.1.2 and 5.1.1 for details on the column design. The clear height 
of the column was adjusted from 98 5/8 in. to 101 5/8 in. for SPC2 to accommodate the 
reduced height of the superstructure without necessitating alterations to the girder supports 
and to the load diaphragm supporting the hydraulic ram used to provide the lateral column 
load. 
The anchorage of the column spiral reinforcement adjacent to the cap beam was 
improved by adding a 90 degree hook into the center of the column in addition to the double 
loop used in SPC 1. The hook was added to improve spiral anchorage, since the failure in 
SPC 1 indicated that there might have been problems with the anchorage consisting of only a 
double loop (refer to Section 5.8.3.2). However, test observations from SPC2 indicated that 
anchorage was not the likely source of the confinement problems, as will be presented in 
Section 6.8.2.2. 
6.1.2 Cap Beam 
The cap-beam depth was significantly reduced in SPC2 as part of the overall 
minimization of the superstructure depth. In the final design, completed by MM, the cap 
beam had a height of 16.125 in., a width of 30.0 in., and a plate thickness of 0.375 in. The 
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Figure 6.1 Specimen SPC2 test configuration 
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cap beam was designed based on based on shear, bending, and torsion strength 
considerations. In addition, the width-to-thickness ratios of the plates were checked to 
ensure prevention of local buckling. The cap beam was extended beyond the exterior girders 
to run the entire width of the specimen bridge deck, a length of 12 ft 4 in. The reduced depth 
of the cap beam was possible because of the use of mechanical anchorage for the column 
longitudinal reinforcement, as will be described in Section 6.1.4. 
6.1.3 Girders 
The girder design for SPC2 was also completed by MM. The reduced depth of the cap 
beam allowed the reduction of the girder sections without significant alterations in the girder-
to-cap beam connections. The girders in the final design were W18 x 40 rolled shapes, a 
reduction in section depth and weight from the W24 x 68 shapes used for the girders in 
SPCl. The superstructure was designed to resist a lateral column force of 77 kips, the 
estimated force necessary to develop the overstrength capacity of the column plastic hinge 
based on actual material properties, and an axial column load of over 130 kips. 
6.1.4 Column-to-Cap Beam Connection 
The main alteration in the column-to-cap beam connection region of SPC2 from the 
SPCl configuration (Section 5.1.4) was the use of threaded ends and nuts on the column 
longitudinal reinforcing bars to provide mechanical anchorage to the bottom of the cap beam 
(in the testing orientation), as shown in Figure 6.2. In the prototype structure, a reduced cap-
beam section would be possible without mechanical anchorage, because a reduced bar size 
(at prototype scale) could be chosen with a reduced anchorage length requirement. For the 
mechanical anchorage, the No. 6 (db1 = 3/4 in.) column longitudinal bars were machined to a 
5/8 in. diameter, and standard threads were cut into the milled portion at the end of each bar. 
Since the holes at the bottom of the connection region were oversized when compared to the 
size of the reinforcing bar, 3/8 in. thick x 2 3/4 in. diameter, A36 steel, plate washers were 
used between the nuts and the bottom plate of the cap beam. 
Both the tensile strength of the threads and the flexural strength of the washer plates were 
considered in the design of the mechanical connection. The estimated tensile fracture load of 
the No. 6 column longitudinal reinforcement was used to determine the required strength for 
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Figure 6.2 Column-to-cap beam connection detail 
the connection. The ultimate tensile strength of the longitudinal reinforcement, determined 
from tension tests, was 111 ksi. The resulting expected maximum tensile load was 
determined to be 48.8 kips. However, since most of the required anchorage length for the 
longitudinal reinforcement would be provided in the connection region, the mechanical 
connection was not required to resist the entire load. Based on the anchorage length, la, for a 
No. 6 bar, as calculated in Section 5.1.2, the cap-beam depth provided 78 percent of the 
required anchorage length. Assuming a linear stress distribution along the reinforcement 
anchorage length and f c for the joint region concrete to be 4 ksi, the required resistance for 
the mechanical connection was 10.5 kips. 
The design strength, P n, for the longitudinal reinforcement threads was determined to be 
18.8 kips, governed by net section fracture (NSF) as calculated using Equation 6.1 and 
sufficiently higher than the required capacity of 10.5 kips: 
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(6.1) 
where ~tis defined as the resistance factor for tensile fracture and is equal to 0.75, Fut is the 
ultimate tensile strength of the longitudinal reinforcement and is equal to 111 ksi, and Ae is 
the tensile-stress area through the threads and is equal to 0.226 in2 for 5/8 in. threads. The 
design strength based on gross section yield (GSY) was calculated to be 19.5 kips from 
~Pn = ~tFutAg (for GSY) (6.2) 
where ~t is the resistance factor for tensile yielding and is equal to 0.9, Fyt is the yield 
strength of the longitudinal reinforcement and is equal to 70.5 ksi as determined by tension 
tests, and the gross area Ag is 0.307 in2 for 5/8 in. threads. The predicted maximum flexural 
stress for the plate washer was calculated from Roark's equations for an annular plate [33] to 
be 28.6 ksi. For this calculation, the expected load of 10.5 kips was used and a plastic 
moment factor of 1.5 was applied. Thus, the washer plate satisfied the strength requirement 
Su< ~bSn (6.3) 
where ~bis 0.9 for bending and Sn is 36 ksi for A36 steel. 
As presented in Section 5.6.6, the dilatation results from SPCl indicated that the spiral 
reinforcement in the connection region may have been necessary at high loads. Therefore, 
the spiral reinforcement chosen for SPC2 consisted of No. 3 spiral with a pitch of 3.5 in., 
providing 1.5 fewer turns in the connection region but maintaining the volumetric ratio of 
0.00562 used in SPCI. 
The final difference with the design of the connection region was the enlargement of the 
access holes from 1.5 in. to 4 in. diameter in the comers of the top plate of the cap beam (as 
oriented in the laboratory) The holes at the comers of the connection region were increased 
to improve access and visibility into the connection region and decrease the concrete 
placement difficulty that was experienced during the construction of SPC 1. 
6.1.5 Girder-to-Cap Beam Connection 
The design of the girder-to-cap beam connection in SPC2 was completed by MM. The 
general design of the connection consisted of a combination of bolted and welded 
connections. Although the cap beam and girder heights were decreased in SPC2, the number 
of bolts used in SPCl was not changed in SPC2. Rather, the decreased heights were 
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accommodated by reducing the bolt spacing. A detail of the girder-to-cap beam connection 
is shown in Figure 6.3. 
6.2 Instrumentation 
Most of the instrumentation used in SPCI (refer to Section 5.2) was repeated in SPC2. 
However, a few alterations were made and are detailed below. 
6.2.1 Load Cells 
The load cells used in SPCI, including the clevis pin load cell for the horizontal column 
load and the two donut-shaped load cells for the vertical column load, were again used in 
SPC2. However, two donut-shaped load cells were added to measure the vertical reaction at 
one end of the interior girders. These load cells had a capacity of 50 kips and were 
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Figure 6.3 Girder-to-cap beam connection detail 
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positioned between the abutment and the roller support at the west end of each of the interior 
girders as shown in Figure 6.4. With this positioning, the load cells were used to record the 
downward vertical load at the supports. The data from these load cells was collected to 
investigate the load distribution between the interior and exterior girders. 
6.2.2 Displacement and Rotation Transducers 
The displacement and rotation transducers for SPC2 are shown in Figure 6.5. The first 
difference from SPCl (refer to Section 5.2.2 for SPCl transducer locations) was the position 
of D44, which was moved to the west end of the south interior girder from the east end of the 
north interior girder. The next change was the addition ofD46, D47, and D48 to measure the 
column elongation during the application of the seismic load. Finally, transducers D49, D50, 
D51, and D52 were added 20 in. from either side of the cap on both the south interior and 
south exterior girders to provide more data points to use in creating the girder displacement 
profiles. The positions chosen for the additional transducers were the girder locations 
predicted by the grillage analysis to have the maximum deflection. 
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6.2.3 Strain Gages 
A few changes were made in the strain gage instrumentation for SPC2, shown in Figure 
6.6 (refer to Section 5.2.3 for SPCl strain gages). Gages Sl, S2, S9, and SlO, previously 
located 38 in. from the centerline of the cap, were moved to 30 in. from the centerline, 
placing them in the location of the first slab crack in SPC 1. Also, Gages S6 and S 14 were 
moved from the splice plate to the top flange of the girders opposite S 1 and S9 to enable 
more complete strain profiles and to provide comparison for Gages S 1 and S9. 
In the column-to-cap beam connection region, Gage S47 on the bottom plate of the cap 
beam and S51 on the center shear stud of the bottom plate were removed since no significant 
test information was gathered from these gages in the first test. Gage S50 on the shear stud 
on the east side of the connection region was renumbered as S4 7, and S50 was added to the 
opposing shear stud on the west side of the connection region to provide comparison with 
S47. Since the height of the connection region in SPC2 was reduced considerably, only four 
gages were used on each of the gaged longitudinal bars rather than five per bar as was used in 
SPCl. Four longitudinal bars were again gaged in the connection region, as shown in Figure 
6.6. Because the behavior of the mechanical anchorage was of particular interest, two of the 
gaged bars (including one extreme bar) were not mechanically anchored, while the remaining 
18 bars were fastened to the top plate using nuts and washers, including the other two gaged 
bars located opposite of the bars without mechanical anchorage (see Figure 6.6c). In addition 
to the four gaged bars in the connection region, strain gages were added to three longitudinal 
bars (one per bar) at the top cap plate interface as shown in Figure 6.6c to provide strain 
profile data for the column cross-section. 
The gage locations on the bridge deck reinforcement were also modified. S58, below the 
interior girder at the girder-to-cap beam interface, remained in the same location. However, 
S59 was moved from below the center of the column to below the interior girder at the 
location of the first slab crack, and S60 was moved from below the exterior girder interface 
to the first crack location. 
6.3 Construction 
SPC2 was constructed m an inverted position to simplify the test configuration. 
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Construction of SPC2 was very similar to SPCl (refer to Section 5.3), with a few variations 
due to the adjustments in design details. The construction consisted of several main areas 
including the steel girders and cap beam, the bridge deck, the column-to-cap beam 
connection, and the column. 
6.3.1 Cap Beam and Girders 
The steel, box-shaped cap beam and connected girders were again assembled by Paxton-
Vierling Steel Co. and shipped to the ISU Structures Laboratory. There were no notable 
differences in the construction of the cap beam and girder assembly of SPC2. Figure 6. 7 
shows the prefabricated assembly after it has been delivered to the Structures Laboratory. 
6.3.2 Bridge Deck 
The reinforcement design used in SPCl (see Section 5.3.2) was not changed in SPC2. 
Also, the same concrete mix, with a specified 28-day strength of 3.5 ksi, was used for the 
bridge deck. 
6.3.3 Column-to-Cap Beam Connection 
The threaded ends of the column longitudinal reinforcement, as presented in Section 
6.1.4, are shown in Figure 6.8 prior to installation. The concrete for the connection region 
was again cast through a PVC tube through the center hole. The larger holes in the comers 
of the connection region in SPC2 (see Section 6.1.4) made the vibration of the concrete much 
quicker and easier. However, a gap of approximately 1 in. was left between the concrete and 
the top plate of the cap beam and filled with a fluid mix of Quikrete Non-shrink Precision 
Grout No. 1585 to prevent air voids from forming between the concrete and the top plate. 
This grout was the same mix that was used for SPC 1, with a specified 7-day strength of 6000 
psi and 28-day strength of 8000 psi (refer to the product website for further details [19]). 
6.3.4 Column and Loading Block 
Construction of the column and loading block was virtually unchanged from the previous 
specimen. The concrete for the column and loading block was again placed at the same time. 
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Figure 6. 7 Prefabricated cap beam and girder assembly above the deck formwork 
Figure 6.8 Threaded ends of the column longitudinal reinforcement 
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Careful vibration at each placement increment ensured that no air voids occurred in SPC2, so 
no patching was necessary for the column concrete. 
6.4 Material Properties 
Properties of the column longitudinal and spiral reinforcement were determined by 
conducting tensions tests on three 36 in. samples of each type and compiling average data 
from the three tests. The resulting steel strengths are given in Table 6.1. The yield strengths 
listed for the spiral reinforcement correspond to the yield stress at 0.2 percent offset strain. 
For each of the three separate concrete sections (deck, column-to-cap beam connection, 
and column), compression strength tests were performed on three standard concrete cylinders 
to determine 7-day, 28-day, and test-day strengths. The resulting unconfined compressive 
strengths are provided in Table 6.2. The test-day strength for the column-to-cap beam 
connection region was lower than expected and affected the anchorage of the column 
longitudinal reinforcement as will be described in Section 6.8.5. 
Table 6.1 SPC2 steel reinforcement tensile strengths (ksi) 
Yield 
Ultimate 
Column 
Longitudinal 
70.5 
111.4 
Column Spiral 
61.0 
87.8 
Connection 
Spiral 
64.0 
91.4 
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Table 6.2 SPC2 concrete unconfined compression strengths (ksi) 
Time Bridge Deck Column-to-Cap Column Connection 
7-day 3.15 2.29 3.22 
28-day 3.52 2.79 3.77 
Test day 4.08 3.10 4.11 
6.5 Seismic Load Simulation 
6.5.1 Adjusted Prototype Bridge 
Since the depth of the cap beam and girders in SPC2 was reduced from SPC 1, the 
prototype bridge representative of SPC2 also contained reduced cap beam and girder 
sections. Consequently, the reduced sections led to reduced dead loads in the prototype 
structure. To account for this difference, the change in distributed load from the first 
prototype and second prototype was determined. The distributed load along the length of the 
second prototype bridge was determined to be approximately 84 percent of that of the first 
prototype bridge. Although the dead load in the first prototype was not adjusted to account 
for an increased girder size from preliminary to final design, as reported in Section 4.1.1.1, 
the dead load in the second prototype was still reduced to 84 percent of the original prototype 
dead load for consistency between the two tests. 
The lighter superstructure altered the dead load and combined load moment diagrams for 
the prototype girders, so a moment comparison between the prototype bridge and SPC2 was 
necessary to determine an appropriate column axial load. Similar to the original comparison 
of the prototype and the general test specimen (Section 4.2.1), superposition was used to 
develop the combined load girder moments due to dead and seismic load. 
6.5.2 Moment Comparison 
Comparing the adjusted prototype girder moments to the girder moments in SPC2, an 
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axial load of 50 kips was determined to produce a good comparison at the girder-to-cap beam 
interface regions, as shown in Figure 6.9. This axial load was satisfactory because it was 
approximately 84 percent of the axial load of 60 kips used in SPC 1, matching the 84 percent 
ratio of distributed load from SPC2 to SPC 1. 
6.5.3 Shear Comparison 
A comparison of the shear values from SPC2 and the scaled prototype shear was also 
conducted, as was done in the preliminary load investigation (Section 4.2.1.3). The axial 
load of 130 kips during the third cycle at ductility µt. = 4.0 can be seen in Figure 6.10 to 
produce a reasonable comparison at the interface region. This increased axial load was to be 
implemented in SPC2 in a similar fashion as was done in SPCl (Section 5.5), during the third 
cycle of the applied column displacement at ductility µt; = 4.0. 
6.5.4 Lateral and Vertical Load Sequences 
Based on the load values determined in the previous sections, the final load sequences in 
the lateral and vertical directions for SPC2 were determined. The resulting simulated seismic 
load sequence is shown in Figure 6.11. 
6.6 Predicted Response 
A grillage model of SPC2 similar to the model used for SPC 1 was developed to predict 
the overall force-displacement response of the structural system prior to experimental testing. 
This model was developed in ANSYS [ 4]. A pushover analysis of the model produced the 
required results. Details of the model and analysis results are presented below. 
6.6.1 Grillage Model Configuration 
The nodal and element layouts for the SPC2 grillage model were identical to the SPC 1 
model (refer to Figure 5.5, Section 5.6.1) except that the cap-beam nodes and elements were 
located slightly closer to the deck elements because of the reduced cap-beam depth in SPC2. 
Similar element sections were used (see Figure 5.6) with updated section properties as listed 
in Table 6.3. The nonlinear spring element used in ANSYS was updated to reflect the 
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Figure 6.11 Load sequence selected for simulation of seismic effects on SPC2 
measured material properties in SPC2. Concrete cracking was accounted for in the same 
manner as in the SPC 1 grillage model. 
6.6.2 Force-Displacement Envelope 
The lateral force-displacement response for SPC2 was determined by applying increasing 
loads to the column end of the SPC2 grillage model and determining the corresponding 
displacements from the grillage analysis up to theoretical yield of the extreme column 
longitudinal reinforcement. Past theoretical yield, displacements were applied and the 
resulting column end force was determined from the grillage analysis, similar to the process 
used for SPCl (Section 5.6.2). Figure 6.12 compares the predicted force-displacement 
response for SPC2 with the predicted response for SPC 1. When compared to SPC 1, the 
predicted response for SPC2, as expected, shows a reduced stiffness due to the increased 
flexibility of SPC2' s superstructure. 
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Table 6.3 Member properties used in the grillage model of SPC2 
(reported values are in the local coordinate system) 
Member A (in2) Ix (in4) ly (in4) 
Exterior girder element (long. uncracked) 22.9 1220 1404 
Exterior girder element (long. cracked) 11.8 706 19.l 
Interior girder element (long. uncracked) 23.1 1225 1431 
Interior girder element (long. cracked) 11.8 706 19.1 
Exterior deck element (trans. uncracked) 52.5 30.1 1750 
Exterior deck element (trans. cracked) 26.3 15.1 875 
Interior deck element (trans. uncracked) 105 60.3 14000 
Interior deck element (trans. cracked) 52.5 30.2 7000 
Cap-beam element (transverse) 34.0 4218 1623 
Column element (uncracked) 452 16286 16286 
Column element (cracked) 452 7166 7166 
Diaphragm element 7.7 245 8.9 
6. 7 Test Observations 
J (in4) 
13.5 
0.81 
13.7 
0.81 
60.3 
30.1 
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3599 
32572 
14332 
0.36 
General observation of test specimen SPC2 revealed acceptable behavior under seismic 
loading. A plastic hinge was formed in the column adjacent to the cap beam, as intended 
according to the capacity design philosophy. The superstructure exhibited elastic response 
throughout the seismic test, also in accordance with the design philosophy. 
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Figure 6.12 Predicted lateral force-displacement response 
6.7.1 Service Load Tests 
Prior to the seismic load testing, four service load tests were conducted. The first test 
consisted of applying a downward column axial load of 20 kips while all girders were 
supported. The second test consisted of applying a lateral column load of 10 kips with all 
girders supported. The third test used a column axial load of 20 kips with only the exterior 
girders supported. For the fourth test, a lateral column load of 10 kips was applied while 
only the exterior girders were supported. Small amounts of concrete cracking occurred in the 
deck during the initial service load tests. 
6. 7 .2 Load Control 
Upon the initial application of the column axial load, four tension cracks formed in the 
slab, radiating out toward the comers of the deck from the column region. During the first 
horizontal load step, 10 kips (corresponding to 25 percent of the horizontal load to produce 
theoretical yield of the column longitudinal reinforcement, 0.25 Fy), flexural cracks 
developed in the column at a spacing of about 5 in. over a height of approximately 3 ft from 
the cap-beam interface. At this load, transverse flexural cracks also formed across most of 
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the slab width over the center 10 ft of the column at an approximate spacing of 12 in. At 
horizontal load 0.5 Fy (20 kips), new flexural cracks formed in the column up to a height of 
about 4 ft above the cap beam. At a load of 0.75 Fy (30 kips), the flexural crack spacing in 
the column decreased to about 2.5 in., and flexural cracks had formed in the bottom 6 ft of 
the column. In addition, the flexural cracks in the slab extended at this load step. At a load 
of 1.0 Fy (40 kips), the flexural cracks in the column were spaced at 2.5 in. Flexural cracks 
had formed in the column up to a height of about 6.5 ft. A few inclined shear cracks also 
formed in the column during this load step as extensions to previously formed flexural 
cracks. A flexural crack at the interface of the column and cap beam was not yet visible at 
this load step. 
6. 7 .3 Displacement Control, µA = 1.0 to µA = 3.0 
For the displacement controlled portion of the se1sm1c test, the displacement 
corresponding to ductility µA = 1.0 was determined to be 1.5 in. using Equation 5.3, with 
+Li' y = 1.034 in., -Li' y = -0.995 in., +Fy = 39.92 kips, and -Fy = -40.21 kips, as measured 
experimentally under load control, and F1 = 58.81 kips as determined from the moment-
curvature analysis of the column section using measured material properties. 
During the first step of the displacement control portion of the test, µA = 1.0, a flexural 
crack at the interface of the column and cap beam became visible. Otherwise, only minor 
extensions of previous cracks occurred at this displacement. At ductility µA = 1.5 (Figure 
6.13), vertical splitting cracks formed on the compression side of the column in the plastic-
hinge region. Also, incipient spalling was present near the base of the column. Significant 
increases in shear cracking occurred at this displacement level as well. At the next ductility 
level, µA = 2.0, the flexural crack at the column-to-cap beam interface had a separation of 
about 0.05 in. during the first cycle expanding to about 1/8 in. by the third cycle. Minor 
spalling was present in the column within 2 to 3 in. of the cap beam on both sides of the 
column (Figure 6.14). 
At ductility level µA = 3.0, the interface flexural crack widened to about 3/16 in. on the 
tension side during the first cycle in the push direction. On the compression side, concrete 
spalling was present within 4 in. of the cap beam during the first cycle, exposing the column 
spiral reinforcement over approximately 10 in. In the pull direction during the first cycle at 
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Figure 6.13 Base of column at the completion of testing at µ6 = 1.5 x 3 
µ"' = 3 .0, the load resistance of the column was approximately 91 percent of the resistance in 
the push direction, an indication of potential slippage of the longitudinal reinforcing bars 
anchored without mechanical connections on the tension side. The unanchored extreme bar 
was exposed during this load cycle. Prior to the pull direction of the second cycle at µ"' = 
3.0, the unanchored bar was marked to investigate its slippage. At the peak of the pull 
direction of the second cycle, the extreme bar had moved up approximately % in., clearly 
indicating loss of anchorage and slippage of the bar. Also during the pull direction of the 
second cycle, spalling of approximately 25 sq. in. of the deck concrete occurred just under 
the extreme longitudinal bar on the compression side (Figure 6.15), an indication that the 
compression bar may have punched through the deck. This compression bar did contain 
mechanical anchorage. Following the third cycle at this ductility level, spalling of concrete 
had occurred up to a height of approximately 12 in. above the cap beam (Figure 6.16). 
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(a) Column tension side in the push loading direction 
(b) Column tension side in the pull loading direction 
Figure 6.14 Base of the column at the completion of testing atµ~= 2.0 x 3 
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Figure 6.15 Slab spalling under the column longitudinal reinforcement at µA= -3.0 x 2 
Figure 6.16 Spalling and exposed spiral at the column-to-cap beam interface at the 
completion of testing at µA = 3.0 x 3 
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6.7.4 Displacement Control,µ,,..= 4.0 toµ,,..= 6.0 
During the first load cycle in the push direction at ductility level µ,,.. = 4.0, a possible 
fracture of a longitudinal bar was suspected due to a fracture sound and subsequent load 
resistance reduction of about 5 percent. Later the extreme longitudinal bar on the tension 
side (under push direction loading) was determined to have fractured in the threaded region 
just above the nut. However, even though the load resistance was slightly reduced, the test 
specimen exhibited satisfactory seismic performance throughout the remainder of the cycles 
at ductility level µ,,.. = 4.0. Additional spalling occurred on both sides of the column at this 
displacement level, exposing more spiral and the extreme longitudinal bar on the tension side 
in the push direction. Also, more concrete spalling took place in the bridge deck below the 
column longitudinal bars. During the third cycle at this ductility level, the axial load was 
increased, as planned, to 130 kips. At this load level, 4 spiral loops were exposed over a 
height of about 9 in., and about 6 in. of the extreme longitudinal bar on the tension side in the 
push direction was exposed. 
At ductility level µ,,.. = 6.0, the column axial load was returned to 50 kips to simulate 
appropriate moment demand in the girder-to-cap beam connection region. During the first 
cycle in the push direction, fracture of another longitudinal bar was suspected, and in the pull 
direction two more longitudinal bars appeared to fracture. During the push direction of the 
second cycle, two more longitudinal bars fractured, followed by another in the pull direction. 
After the test all the fractured longitudinal bars were determined to have fractured in the 
threaded region adjacent to or just above the nut in the mechanical connection. By the third 
cycle at ductility µ,,.. = 6.0, the lateral-load resistance in the column had been reduced by 
about 50 percent from the maximum lateral-load resistance achieved at µ,,.. = 3.0, so the test 
was terminated. Concrete spalling had occurred around the circumference over most of the 
bottom 12 in. of the column (Figures 6.17 and 6.18) and there was considerable damage in 
the bridge deck underneath the column (Figure 6.19). Figures 6.20 and 6.21 show the 
column following seismic testing. 
6. 7 .5 Deck Performance 
Overall, the deck in SPC2 received more damage from the seismic load test than the deck 
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in SPCl. There was considerable flexural cracking in the bridge deck. The first full-length 
flexural crack on each side of the cap beam occurred about 30 in. from the transverse 
centerline. Over the next 4 feet several more full-length flexural cracks were formed at 
intervals of 6 to 12 in. The spacing between cracks was considerably smaller in SPC2 than 
in SPC 1, and the cracking extended a greater distance from the cap beam. Such increased 
flexural cracking was reasonable, because higher deflections and stresses were expected in 
the superstructure of SPC2 given the smaller girder and cap sections. Several tension cracks 
were formed in SPC2, radiating out from directly below the column. Additional tension 
cracking in SPC2 occurred near each of the supports. 
The majority of the damage to the deck in SPC2 occurred directly below the column in 
the lab orientation (see Figure 6.19). This damage was attributed to the loss of anchorage of 
the column longitudinal bars, causing the compression bars to push through the deck and 
damage the deck concrete. 
Figure 6.17 Base of column at the completion of seismic testing (tension side of the 
column in the push loading direction) 
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Figure 6.18 Partial view of column at the completion of seismic testing (tension side of 
the column in the pull loading direction) 
Figure 6.19 Damage to the deck below the column at the completion of seismic testing 
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Figure 6.20 Tension side of the column in the push loading direction after seismic 
testing 
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Figure 6.20 Tension side of the column in the push loading direction after seismic 
testing 
156 
6.8 Test Results 
6.8.1 Force-Displacement Response 
Figure 6.22 shows the comparison of the experimental results and the predicted response 
as detailed in Section 6.6, adjusted to include the measured material properties on the day of 
the test. The data from the final ductility level, µt> = 6.0, has been omitted for clarity. The 
comparison is very good in the push direction through ductility µt> = 3.0, indicating the 
system performed similarly to the prediction from the grillage model. At µt> = 4.0, a 5 
percent reduction in the load resistance is apparent due to the thread fracture of the extreme 
tension bar. 
In the pull direction at ductility µt> = 3.0, the load resistance is seen to fall approximately 
10 percent below the push direction resistance. This load reduction was attributed to the loss 
of anchorage in the column longitudinal bars that were not mechanically anchored, as was 
observed during testing and described in Section 6.7. 
100 
80 -(/j a. 60 32 -Cl.> 40 u c: 
~ 20 -(/j 
(/j 
0 Cl.> .... 
Cl.> -20 u .... 
0 .... -40 
~ .... 
Cl.> -60 -~ ..J 
-80 
-100 
- I 
_ - _ J _ · · ·t · .. + t J-. { -Expe_rime·n·· t~1l .. ·~:,.· 
!------·-4+.o- -3+.o --2+.-o· ··---1-.10·--.. ·- _ -.~----·· _:__:_ Pred1cte~ _[ 1 
I 
-8 -6 4 ~ 0 2 4 6 8 
Displacement at column end (in.) 
Figure 6.22 Experimental force-displacement response 
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6.8.2 Column Performance 
6.8.2.1 Moment-Curvature Response 
Figure 6.23a shows the moment-curvature for the critical region of the column, from 
displacement transducers D4 and D5 (refer to Figure 6.5). Figure 6.23b is comprised of the 
moment-curvature in the next critical column region, with data from transducers D6 and D7. 
(Refer to Section 5.2 for the curvature calculation from the experimental displacement data.) 
Note that the displacement scale along the x-axis is not the same for the two plots, since the 
curvature is considerably larger in the critical region of the column than in the adjacent 
region. Similarly to the force-displacement response, the push direction response compares 
well with the predicted moment-curvature envelope. In the pull direction, the comparison 
with the predicted response is in good agreement up to ductility µ~ = 3.0, at which point the 
slippage of the column bars without mechanical anchorage appeared to have been significant 
enough to modify the curvature of the section. 
6.8.2.2 Column Spiral Behavior 
The revised anchorage detail in SPC2, namely the 90 degree hook into the center portion 
of the column section, appeared to produce adequate anchorage in SPC2. However, 
following testing atµ~= 6.0, the core concrete was crushed in a similar manner to that which 
occurred in specimen SPC 1, indicating that the loss of anchorage in SPC 1 was probably not 
the main cause for the confinement loss and subsequent buckling and fracture of the 
longitudinal bars. Rather, the loss of core concrete seems to be due to interaction effects 
between the concrete column and the steel cap beam and shear studs. 
6.8.3 Cap Beam and Girder Performance 
Several strain gages were located on the cap beam in the column-to-cap beam connection 
reg10n. The strains measured on the cap beam in the joint region were below 600 
microstrains, indicative of elastic behavior. Detailed data gathered from the cap beam in the 
joint region will be presented in Section 6.8.5. Strains were also measured on the cap-beam 
segment between the interior and exterior girders (refer to Figure 6.6, Gages S51-S54). 
These strains remained below 130 microstrains throughout the test. The maximum measured 
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strain occurred during the third cycle at µ8 = 4.0 (the cycle with a column axial load of 130 
kips and a lateral column load that was 93 percent of the maximum recorded value of 64.8 
kips). With the exception of this load cycle, the strains remained below 60 microstrains 
throughout the seismic testing sequence. The low strains measured on the cap beam indicate 
that the cap beam behaved elastically throughout the seismic test. 
Strain profiles from the gages mounted on the top flange of an interior and exterior girder 
are presented in Figure 6.25 for µ8 = 1.0, 1.5, 2.0, 3.0, and 4.0. The profiles clearly indicate 
the combined effects of the column axial load and column lateral load, revealing a shift from 
tension to compression strains on either side of the cap beam because of the change in girder 
curvature due to the lateral load, but with the strains clearly shifted in the direction of higher 
compressive strains because of the column axial load. The girder behavior appeared to be 
elastic throughout the test. Selected girder strain histories are presented in Figure 6.26. The 
highest girder strains measured were approximately 1300 microstrains, during the third cycle 
at ductility µ8 = 4.0 (the cycle with higher strains easily seen in each of the strain histories), 
at the gages on the top flange near the cap beam interface (S 11 and S 15). The maximum 
strains were below the yield strain of 1724 microstrains expected for the 50 ksi steel. In 
addition, the linear strain histories also indicate that the girder behavior was elastic 
throughout the test. 
6.8.4 Performance of Column-to-Cap Beam Connection 
6.8.4.1 Column Longitudinal Strain Profiles 
Strain profiles for the column longitudinal bars in the connection region are shown in 
Figures 6.27 and 6.28 up to ductility µ8 = 1.0. These profiles seem to indicate similar 
behavior between the bars with and without mechanical anchorage up to ductility µ8 = 1.0. 
Profiles for the higher load levels, during which bar slippage was suspected, are not available 
because the strain gages failed at these levels. The strain profiles indicate that load transfer 
at lower loads was similar for the bars with and without mechanical anchorage. 
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Figure 6.26 Strain histories from the gages mounted on the girder flanges 
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6.8.4.2 Column Longitudinal Reinforcement Anchorage Failure 
6.8.4.2.1 Experimental Bond Stresses 
The anchorage length requirement presented in Section 5 .1.2 assumes a bond stress 
related to concrete strength as given by [17] 
't = 14(f c) 112 (6.3) 
To begin to investigate the anchorage failure observed in SPC2, the column longitudinal 
reinforcement strain profile data was used to determine the experimental bond stress as a 
factor of concrete strength. For this investigation, the strain data from load step 1.0 Fy (H = 
40 kips) was used. The strains from the displacement-controlled portion of the test were not 
used because of inelastic behavior in the reinforcement at these load levels. 
To calculate the experimental bond stress, the stress, cr, at each of the gage locations was 
calculated by using the basic stress-strain relationship 
(6.4) 
where Es, Young's Modulus for steel, was taken to be 29,000 ksi. Using the top gage as a 
reference as shown in Figure 6.29, the change in stress, ~f, between gages and corresponding 
change in force, ~P, (based on the gross area of the No. 6 reinforcement, 0.44 in2) was 
calculated. This change in force was then extrapolated to find the total change in force over 
the entire anchorage length, ~pi. and the corresponding bond stress was calculated from 
(6.5) 
These results are presented in Table 6.4, including the last column which expresses 't as a 
factor of (f c) 112• The resulting average value of 't I (f c) 112 is approximately 10, or about 71 
percent of the assumed value of 14 in Equation 6.3. 
6.8.4.2.2 Longitudinal Bars Without Mechanical Anchorage 
As discussed in Section 6. 7 .2, the extreme bar without mechanical anchorage was 
observed to begin slipping at ductility µ~ = 3.0, or a column horizontal load of about 62.5 
kips. Based on the bond stress determined in the previous section, the required force in the 
longitudinal bars without mechanical anchorage to produce anchorage failure, Praib was 
determined to be 22.8 kips using Equation 6.6: 
(6.6) 
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Table 6.4 Experimental bond stresses in column longitudinal reinforcement 
E f df ~p ~Pt 't 't 
(µE) (ksi) (ksi) (kips) (kips) (ksi) (f c)l/2 
Bar 1 2007 58.2 
1576 45.7 12.5 5.5 19.1 0.467 8.4 
1110 32.2 26 11.4 19.9 0.486 8.7 
758 22.0 36.2 15.9 18.5 0.451 8.1 
Bar2 2255 65.4 
1612 46.7 18.7 8.2 28.5 0.696 12.5 
1074 31.1 34.3 15.1 26.2 0.640 11.5 
683 19.8 45.6 20.1 23.2 0.568 10.2 
Bar 3 2264 65.7 
1840 53.4 12.3 5.4 18.8 0.459 8.2 
514 14.9 50.8 22.3 25.9 0.632 11.3 
This force corresponds to a stress of 51.8 ksi and a strain of 1787 microstrains in the 
longitudinal bar. From the moment-curvature analysis based on actual properties, this strain 
would be expected in the extreme bar at a column moment of 3239 kip-in., or a horizontal 
column load of 31.9 kips. This number indicates a high possibility that the bars without 
mechanical connections lost anchorage during the higher load portions of the test, since the 
lateral column load reached a value as high as 64.8 kips during seismic testing. Loss of 
anchorage in the bars without mechanical connections was not entirely unexpected, and the 
failures that occurred appeared to have been partly due to the lower than expected bond 
stresses. Another contributing factor was the lower than expected concrete strength, because 
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f c = 4.0 ksi was specified for the joint region but the test-day strength was determined to be 
only r c = 3.1 ksi. 
6.8.4.2.3 Longitudinal Bars With Mechanical Anchorage 
The longitudinal bars with mechanical anchorage also experienced anchorage failure. 
The fracture of the threads in the mechanical connection of the extreme tension bar under 
push direction loading occurred at ductility µc. = 4.0. To determine the tensile strength of the 
threaded connection, three tension tests of threaded samples of the No. 6 reinforcement were 
conducted, and the average ultimate tensile strength was determined to be 28.5 kips. Thus, 
the capacity of the mechanical connection was approximately 58 percent of the maximum 
unfactored tensile load in the column longitudinal reinforcement. Taking into consideration 
the actual concrete strength in the connection region, using Equation 5.2, the recommended 
anchorage length for the SPC2 column longitudinal bars was determined to be 23.7 in. The 
actual percentage of recommended anchorage length provided in SPC2 was then calculated 
as 65 percent, based on the adjusted recommended anchorage. Therefore, the required 
capacity for the mechanical connection was 35 percent of the ultimate tensile strength of the 
longitudinal reinforcement, and the actual capacity of the mechanical connection was 58 
percent of the ultimate tensile strength of the longitudinal reinforcement. Thus, the 
mechanical connection should have been sufficient to provide the required anchorage, even 
with the reduced strength of the concrete in the connection region. 
As was noted in Section 6. 7 .2, a sizeable portion of concrete was pushed out of the slab 
by the extreme longitudinal bar with mechanical anchorage at ductility µc. = 3.0, prior to the 
tensile failure of the threads at µc. = 4.0. This would seemingly indicate that the bar slipped 
in compression before the tensile failure occurred. Since the strength calculations also 
indicate that tension failure alone may not be an explanation of the anchorage failure, the 
bond between the reinforcement and concrete may have been lost in compression. In this 
scenario, once the bond was lost, the entire tensile load would have been transferred to the 
mechanical connection, exceeding the design capacity of the reinforcement threads and 
causing tensile failure. 
6.8.4.3 Confinement in Connection Region 
Strain profiles from the cap-beam vertical plate in the column-to-cap beam connection 
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region are shown in Figure 6.30. These strain profiles were measured on the exterior surface 
of the cap-beam plate on the tension side of the column in the push loading direction, as 
shown in the insert. They indicate tension in both the push and pull directions, consistent 
with outward dilatation of the cap beam. The measured strains were higher near the bottom 
of the cap in the push direction and near the top of the cap in the pull direction. Strain 
profiles from the interior surface were not available because of the failure of two of the 
interior strain gages. The strain values remained below 600 microstrains throughout the 
seismic test, indicating elastic behavior. Figure 6.31 shows strain histories from the interior 
and exterior surfaces of the vertical cap plate on the tension side of the connection region in 
the pull direction. 
The strain histories for the gages on the shear studs in the connection region (Figure 6.32) 
indicate similar strain magnitudes to those measured in SPCl. These histories are only 
plotted up to µ"" = 3.0, because the gages failed at this point of the test. These histories 
indicate similar demand on the shear studs in specimens SPCl and SPC2. 
Figure 6.33 shows strain histories from gages mounted on the joint spiral reinforcement. 
Similar to the strains in the column spiral, the strains in the joint spiral were consistently 
higher in SPC2. However, they were well below yield throughout the seismic test, with 
maximum strains of about 300 microstrains. 
6.8.5 Performance of Girder-to-Cap Beam Connection 
The highest girder-to-cap beam interface girder strains were recorded on the top flange of 
the interior girder (Figure 6.26). The maximum strain measured at each location was 
approximately 1300 microstrains, well below the theoretical yield strain of 1724 
microstrains. These strain results indicate that the girder-to-cap beam connection behavior 
was elastic throughout the test. 
6.9 Summary of SPC2 
The overall seismic performance of SPC2 was satisfactory given current seismic design 
requirements. The force-displacement response indicated good strength retention under 
inelastic deformations up to ductility µ"" = 4.0. The necessity of mechanical connections for 
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(a) Gage Sl 7 on the column tension side in the push direction 
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the longitudinal reinforcement for the connection detail used in SPC2 was clearly seen by the 
anchorage loss in the bars without mechanical anchorage beginning at ductility µ11 = 3.0. The 
ultimate failure mode of SPC2 was related to the longitudinal column reinforcement 
anchorage, when the threads in the mechanical connections fractured in tension. This tensile 
failure could possibly have been preceded by anchorage loss in compression, resulting in the 
total longitudinal bar tensile load being transferred to the mechanical connection during the 
next load cycle. At prototype scale, problems with mechanical anchorage and length of 
anchorage could be eliminated by choosing bar sizes such that the required anchorage length 
could be provided within the depth of the cap beam. Although these anchorage problems 
would not be an issue at prototype scale, this test provided interesting data related to 
reinforcement anchorage issues that could be researched and expanded on in the future. 
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7 CONCLUSIONS AND RECOMMENDATIONS 
7.1 Overview 
This thesis presents analytical and experimental work that was performed as part of 
NCHRP Project 12-54 on bridges with integral connections. A prototype bridge 
representative of a typical two-span, single-column bridge with integral connections at the 
column was developed, and test specimens appropriately modeling the prototype bridge were 
investigated. The first test specimen, SPC 1, was designed to validate the connection details 
in the critical regions, and experimental results verified satisfactory seismic performance. 
The second specimen, SPC2, based on the results from SPC 1, was designed to minimize the 
bridge superstructure dimensions. Experimental results again indicated satisfactory 
performance under simulated seismic loading within the target displacement ductility. 
Relevant research that was investigated for the background of this thesis included 
preliminary analysis work by Redmond [20] for the NCHRP project, a concrete column and 
concrete superstructure bridge with integral connections [9], and a concrete column, concrete 
cap beam, steel girder design with integral connections [17]. A notable conclusion from the 
past research was that the axial forces in the girders of the test specimen had negligible 
effects on the flexural strength of the girders. Based on this conclusion, no girder axial 
forces were applied in the experimental configuration used in this study. 
Figure 7 .1 shows the experimental and predicted force-displacement envelopes for the 
two test specimens plotted up to displacement ductility µL\ = 4.0. The overall design was 
shown to exhibit satisfactory seismic performance up to ductility µL\ = 4.0, fulfilling current 
seismic design recommendations [5,17]. The experimental results from SPCl showed that 
adequate connection details can be established for a bridge system with integral connections 
consisting of a concrete column, steel pier cap, and steel girders. SPC2 exhibited some loss 
of strength at the higher load levels because of failure in the anchorage of the column 
longitudinal reinforcement. Predicted responses developed from grillage analyses for both 
specimens compared very well with the experimental results. Specific conclusions drawn 
from each of the specimen tests are presented below. 
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7.2 First Test Specimen 
6 8 
A prototype bridge was designed to be representative of typical bridges with integral 
connections. A grillage model of the prototype bridge was developed to perform preliminary 
analysis. The prototype column was designed at prototype scale by taking into consideration 
AASHTO guidelines [1], ATC-32 report recommendations [5], and an imposed minimum 
longitudinal reinforcement ratio of 2 percent to ensure adequate demand in the connection 
regions. The minimum ratio governed the design. Once the prototype bridge was chosen, 
analysis was conducted to develop the proper test configuration for the first test specimen, 
SPCl. 
SPCl was designed to evaluate the performance of the connection details under seismic 
loading. The design of SPCl was established by detailing the cap-beam depth to provide 
sufficient anchorage length for the column longitudinal reinforcement. The experimental and 
analytical results from the investigation of SPC 1 yielded the following conclusions. 
1. Loss of concrete confinement in the plastic-hinge region of SPC 1 appeared to be 
triggered by the loss of anchorage of the column spiral in the region adjacent to the 
cap beam. However, SPC2 exhibited crushing of the core concrete while maintaining 
the spiral anchorage, indicating that anchorage loss was not the primary cause of the 
loss of concrete confinement in SPC 1. 
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2. Confinement within the cap beam in the column-to-cap beam connection region 
appeared to be sufficient. Low strains on the spiral in the connection region indicated 
adequate confinement was provided by the cap-beam plates. However, at high 
column lateral loads, the dilatation of the cap beam in the joint region began to 
increase significantly. Hence the cap beam may not have been sufficient to provide 
adequate confinement for the joint region at increased lateral loads. 
3. Strain-profile data from the column longitudinal reinforcement in the column-to-cap 
beam connection region indicated that extending the longitudinal bars beyond the 
bottom of the cap beam (laboratory orientation) and into the slab was unnecessary. 
As long as the cap beam is detailed with a sufficient depth to provide the necessary 
anchorage length for the longitudinal reinforcement, extension of the reinforcement 
into the deck is not necessary. 
4. The lateral force-displacement response of the column, as a measure of the system-
level behavior, compared very well to the predicted behavior. 
5. The moment-curvature data of the column also compared very well to the predicted 
values, indicating that the section-level performance under seismic loading was 
satisfactory. 
6. The bridge superstructure, including the steel, box-shaped cap beam and the four 
girders, behaved elastically throughout the seismic test, as required according to the 
capacity design philosophy. 
7.3 Second Test Specimen 
Following the results of SPCl, which verified the connection details, a second specimen, 
SPC2, was designed to minimize the bridge superstructure by using mechanical anchorage 
for the column longitudinal reinforcement in the column-to-cap beam connection region. 
Because of the reduced specimen size, a new prototype analysis was conducted based on a 
smaller prototype such as was represented by SPC2. The appropriate column axial load in 
SPC2 was determined to be 50 kips to appropriately simulate the prototype bending moment, 
and an axial load of 130 kips produced the best representation of prototype shear. The 
following conclusions were drawn based on the results of SPC2. 
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1. The force resistance in the pull direction dropped by about 10 kips at ductility µ~ = 
3.0 because of loss of anchorage in the column longitudinal reinforcement without 
mechanical connections. 
2. The specimen superstructure behaved elastically throughout the se1sm1c test, 
consistent with current seismic requirements based on the capacity design philosophy. 
3. The lateral force-displacement response compared very well with the predicted results 
in the push direction through ductility µ~ = 4.0. However, anchorage problems 
caused the force resistance to drop below the predicted values in the pull direction. 
4. The moment-curvature response indicated similar results at the section level. In the 
pull direction, the moments dropped below predicted values because of the anchorage 
problems previously noted. 
5. Analysis of the anchorage problems indicate that the column longitudinal 
reinforcement may have slipped in compression at µ~ = 3.0. Thus, at the subsequent 
tensile cycle, the bond between the reinforcement and the concrete was insufficient to 
resist the tensile load. The majority of the tensile load was then transferred to the 
mechanical connection, exceeding the connection capacity and causing failure in the 
connection. 
7.4 Recommended Areas for Further Study 
The following areas are recommended for further study or additional research: 
1. Simplified grillage models for design and analysis purposes, such as a three-member 
model consisting of a column and two composite girder members representing all four 
girder stiffnesses, could be developed and compared with the grillage results 
developed in this study. 
2. Component tests could be conducted to further quantify the behavior of the 
connection between the concrete column and the steel cap beam. These tests could 
investigate a variety of observed behaviors in the connection region, including the 
spiral anchorage, the anchorage of the longitudinal reinforcement, and the behavior of 
the concrete and shear studs in the column immediately adjacent to the cap beam. In 
particular, a component test to investigate the interaction effects between the concrete 
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column and the steel cap beam and shear studs could be accomplished by construction 
and testing of a specimen modeling a portion of the column along with the connection 
region of the cap beam. 
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